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Liquefaction Potential and Post-Liquefaction Settlement of Saturated Clean Sands;

and Effect of Geofiber Reinforcement.

Maksat Omarov, M.S. 

University of Alaska Fairbanks, 2010

Supervisor: Hazirbaba Kenan

Liquefaction of saturated granular soils has been the cause of most geotechnical 

hazards during earthquakes. Development of excess pore pressures in saturated soils 

when subjected to cyclic loading has been shown to cause the liquefaction, which can be 

simply described as the transformation of stable soil structure into unstable liquid form. 

Majority of the previous laboratory studies have been focused on stress-controlled 

loading. However, the generation of excess pore pressure is better characterized by the 

induced shear strains. The objectives of this study were: (i) to investigate the liquefaction 

potential and post-loading volumetric strain of saturated clean sands through strain- 

controlled testing; and (ii) to study as an alternative mitigation technique, the influence of 

geofiber reinforcement on exess pore pressure generation and post-liquefaction 

settlement of saturated sands.

Undrained, strain-controlled, cyclic triaxial tests were performed in the following 

categories: (1) tests performed under different effective consolidation stresses; (2) tests 

performed at various number of loading cycles; (3) tests performed at different relative 

densities; and (4) tests performed on geofiber-reinforced sand specimens. The
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liquefaction potential of specimens subjected to different levels of shear strains were 

investigated with respect to the developed excess pore pressures. Reduction in the 

volume of the specimens with the dissipation of generated excess pore water pressure 

was studied by allowing for drainage after cyclic loading. Additionally, the influence of 

geofibers as a possible mitigation measure against the excess pore pressure development 

and post-loading volumetric straining of clean sands was investigated.

The results from this study were used to develop insight into the behavior of clean 

and geofiber-reinforced sands under seismic loading conditions. Based on the test results, 

it was found that the number of loading cycles has significant influence on the generation 

of excess pore pressure and post-loading volumetric strain. Specimens subjected to 

continued loading after initial liquefaction indicated about three times larger volumetric 

strains when compared to those allowed to drain after initial liquefaction. Soil specimens 

consolidated to 100kPa effective stress were found to experience less volumetric strain 

than that observed in specimens consolidated to 400kPa effective consolidation stress; 

however, the excess pore pressure generation at 100kPa effective stress was about two 

times larger than that measured at 400kPa effective stress. In general, geofiber-reinforced 

specimens showed less excess pore pressures when compared to clean sand specimens; 

while post-loading settlement were observed to be nearly two times larger for specimens 

with 1% geofiber content when compared to clean sand specimens.
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Chapter 1 

Introduction

1.1 Subject Overview

Liquefaction of saturated soil deposits is a major cause for failure of various 

infrastructure as well as superstructures during earthquakes. The liquefaction 

phenomenon has received intensive attention since the devastating earthquakes in 1964; 

the Good Friday earthquake (Mw=9.2) in Alaska, and Niigata earthquake (Mw=7.5) in 

Japan. Liquefaction induced damage, such as slope failures, bridge and building 

foundation failures, and flotation of structures were observed in both of these earthquakes 

(Dobry et al., 1982). Additionally, excessive settlement and tilting of buildings caused by 

liquefaction were observed in the Niigata earthquake (Kramer, 1996). Since then many 

researchers have devoted their works to the subject. Much has been learned, however 

more research is still needed for safer engineering design and practice.

Casagrande and his student Castro's early studies attempted to explain the 

liquefaction mechanism under static loading conditions (Casagrande, 1940; Castro 1969). 

However, simulation of earthquake loading (i.e., cyclic) conditions in the laboratory was 

studied by Seed H. B. and his fellows at the University of California Berkeley (1966). 

Seed et al. (1966) used cyclic triaxial testing with harmonic loading to approximate 

earthquake loading in the laboratory. Among one of the many important contributions to 

the field of geotechnical earthquake engineering by Seed and his co-workers was the 

simplified procedure to evaluate the liquefaction potential through stress-controlled 

testing (Seed and Idriss, 1971), where the stresses induced by earthquake loading are 

compared to the strength of soil. Later, Dobry et al. (1980) proposed a strain approach for 

evaluating the liquefaction potential. They showed that the excess pore pressures 

developed during earthquake shaking can be better characterized by the induced cyclic
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strains. Other techniques have also been proposed to evaluate the liquefaction potential of 

granular soils in the field, including energy dissipation (Nemat-Nasser and Shokooh, 

1979), effective stress-based response analysis (Ishihara and Towhata, 1980) and 

probabilistic approaches (Liao et al., 1988).

It has been shown that several important parameters influence liquefaction 

potential of soils. These are: state of saturation, relative density, earthquake magnitude 

and ground motion characteristics, effective overburden pressure, fines content. These 

and other parameters have been investigated by various researchers (Seed and Lee, 1966; 

Castro, 1969; Youd and Hoose, 1977; Ishihara, 1984; Evans and Seed, 1987 and others). 

Dissipation of developed pore pressures following liquefaction may cause significant 

hazards. Lee and Albaisa (1974), Tatsuoka et al. (1984), Tokimatsu et al. (1987) are a 

few of the researchers who studied earthquake induced settlements due to liquefaction. A 

separate branch of research has focused on measures against liquefaction. One of the 

techniques used to reduce the liquefaction potential of a soil deposit has been the use of 

geofibers. In addition to improving the soil's bearing strength, use of geofibers has also 

been shown to increase the cyclic resistance of soils (Noorany and Uzdavines, 1989, 

Maher and Woods, 1990).

1.2 Scope of the Research

There are two primary goals for this research: (1) to investigate the liquefaction 

potential and the associated post-loading settlement of saturated clean sands through 

strain-based approach (2) to study the influence of inclusion of geofiber on dynamic 

behavior of saturated sands.

The majority of previous laboratory studies were based on stress-controlled 

testing. Dobry et al. (1980) showed that strain-controlled testing produced better results 

in terms of defining the excess pore pressure buildup. Thus, in this research, strain- 

controlled testing was preferred. Saturated Ottawa sand (clean sand) specimens were
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tested under the following categories: (i) tests at different effective confining pressures; 

(ii) tests at different number of loading cycles; and (iii) tests at different relative densities. 

Generation of excess pore pressure, shear strain and stresses; and post testing 

consolidation were measured for each test. The results were analyzed to investigate the 

influences of the variable parameters.

Additionally, strain-controlled, undrained, cyclic triaxial tests were performed on 

sand specimens mixed with two types of geofibers (tape and fibrillated type geofibers). 

Specimens of three different fiber contents (0.2%, 0.5% and 1% by dry weight) were 

subjected to 0.01%, 0.1% and 0.3% shear strains. Excess pore pressure, shear strain and 

stresses, and the post testing volumetric strain were measured. Excess pore pressures 

were investigated in terms of shear strains and number of loading cycles. The post

loading settlements were correlated by the generated pore pressure and induced shear 

strains. The results from geofiber-reinforced specimens were compared to those from 

clean sand specimens.

1.3 Organization of the Thesis

The major effort in this research was to investigate the liquefaction potential of 

saturated clean sand samples through strain-based approach. To do this, previous research 

studies on the subject were reviewed first. The literature review of liquefaction and the 

techniques used to evaluate liquefaction potential are presented in Chapter 2. This chapter 

also includes review of studies related to post-cyclic loading settlement of soils along 

with the literature on the geofiber mixed soils and their influences on liquefaction 

potential.

The methodology developed and followed is presented in Chapter 3. Engineering 

index properties of the Ottawa sand obtained through the ASTM standards are 

summarized. The available techniques for reconstituting test specimens for triaxial testing
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are reviewed. The procedures followed in preparing clean sand and geofiber mixed sand 

specimens were outlined. Overview of the triaxial testing equipment used in this study, 

and the testing steps are covered in detail. Appendix A provides relevant calculation 

steps.

In Chapter 4, analysis of the test results and the findings are presented and 

discussed. First, the results of clean sand tests are presented, and the influences of various 

parameters on liquefaction potential are evaluated. Next, the reconsolidation settlement 

characteristics of clean sand specimens are considered. Finally, tests performed on 

geofiber-reinforced specimens are discussed. Appendix B includes the recordings of each 

test.

Chapter 5 presents a summary of this work, conclusions that may be drawn from 

it, and recommendations for future research.
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Chapter 2 

Literature Review

2.1 Introduction

In this chapter, a review of previous research efforts is presented. First, the 

liquefaction phenomenon is discussed. Next, common evaluation procedures for 

liquefaction potential are reviewed. Studies on settlements of sandy soil deposits due to 

earthquake loading are also reviewed. Finally, previous research about fiber reinforced 

sands is discussed.

2.2 Liquefaction of soils

Liquefaction may be defined as the transformation of soils solid state into dense 

liquid state, due to the increased pore water pressure and the resulting reduced effective 

stress under undrained conditions (Marcuson, 1978). The phenomenon was recognized 

during the early developments in soil mechanics (Terzaghi and Peck, 1948). However, 

liquefaction research was accelerated after the disastrous earthquakes in Niigata, Japan 

and Alaska, USA in 1964.

Through an experimental study, Seed et al. (1966) showed that application of 

uniform cyclic shear stresses on undrained medium to dense sand specimens generated 

high excess pore water pressures that led to liquefaction. They reported deformation in 

terms of shear strains in the in the range of 6% to 35% for specimens with relative 

densities between 50% and 90%. Seed (1979) called this type of liquefaction (i.e., 

development of excess pore pressures due to the applied cyclic shear stresses to the level 

of overburden pressure) as “initial liquefaction with limited strain potential.” This is also 

referred to as “cyclic mobility” by some other researchers (Castro, 1975; Casagrande, 

1976).
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Kramer (1996) described liquefaction under two main categories: flow liquefaction 

and cyclic mobility. He used the term “flow liquefaction” to describe the type of 

liquefaction that occurs when the shear stress required for static equilibrium of a soil 

mass (static shear stress) is greater than the shear strength of the soil in its liquefied 

steady state. He referred to “cyclic mobility” for cases in which the static shear stress of 

the soil is less than the shear strength of the soil in liquefied state. The stress conditions 

which define different zones of liquefaction are illustrated in Fig. 2-1, where q is the 

deviatoric stress (&i- a3) andp ’ is the mean effective confining stress acting on the soil. If 

the initial stress conditions fall within the shaded region flow liquefaction may occur. In 

the field, soil can be subjected to this stress condition by gravitational forces and remain 

stable until liquefaction is triggered. The generation of sufficient excess pore pressure 

moves the stress path from its initial position to the flow liquefaction surface (FLS) 

where the soil becomes unstable. Flow liquefaction failures are characterized as sudden 

and having high velocity which moves liquefied material to large distances. On the other 

hand, the soil is considered to be susceptible to cyclic mobility if the initial shearing 

stresses are less than the steady state strength of the soil. Application of cyclic loading 

decreases the net effective stresses on the soil until the liquefaction is initiated. 

Deformations in cyclic mobility occur incrementally, which can take place on very gently 

sloping ground.

Figure 2-1: Flow liquefaction and cyclic mobility susceptibility zones (by Kramer, 1996).
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The tendency of loose to medium dense granular soils to contract when subjected 

to shaking causes the generation of excess pore water pressure. It is likely for loose to 

medium dense saturated sand deposits to experience large pore pressures that lead to 

liquefaction during earthquakes, especially if the sand layer is sandwiched between 

underlying/overlying low permeability layers such as silt or clay dominant layers, or 

confined by impermeable sediments, and permafrost, which impede drainage and lead to 

accumulation of pore pressure during shaking.

Induced shear stresses on a soil element during strong ground motion are shown 

in Fig. 2-2. The shear stresses are caused due to the propagating shear waves that travel 

through soil stratum. Shear waves generated by an earthquake are very random in nature; 

however, in the laboratory they can be approximated with a series of uniform (typically 

sinusoidal) cyclic shear stresses or strains.

Figure 2-2: Cyclic shear stresses on a soil element during earthquake shaking (by Seed, 

1979).
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During earthquake loading, soil particles are rearranged while the volume 

containing both the soil particles and the water is maintained constant (under undrained 

conditions). The tendency of the soil structure to compact increases the pore pressure and 

reduces effective stress between particles. Consequently, the soil structure rebounds so as 

to keep the volume constant. The magnitude of the excess pore pressure to be developed 

primarily depends on this rearrangement of the soil particles (Seed, 1979). In flow type 

liquefaction, sudden increase in pore pressures can result in immediate and large 

deformations in sand deposits. In terms of shear strain deformations, up to about 20% 

shear strains may be observed (Vaid and Chern, 1985). The deformation characteristic is 

different for cyclic mobility type liquefaction. According to Seed (1979) the process after 

the 100% pore pressure buildup (ru=1.0, where ru=Au/o’c; Au= excess pore pressure and 

o ’c= initial effective confining pressure) develops iteratively. The cycles of shear stresses 

after the initial liquefaction tend to cause dilation in the soil that reduces the excess pore 

pressure, developing enough resistance to withstand the applied stresses. A soil specimen 

undergoes some deformation under the induced stresses. However, the deformation is 

limited and independent of number of loading cycles.

Not all soil deposits are susceptible to liquefaction. In general, liquefaction 

requires three conditions: (i) loose to medium dense cohesionless (sandy) soils, (ii) 

relatively shallow ground water table to ensure full saturation, and (iii) strong enough 

ground motion or cyclic loading. Several procedures have been developed for 

determining the liquefaction potential of soils. The following section discusses the most 

commonly used procedures for evaluating liquefaction potential.

2.3 Evaluation of Liquefaction Potential

Several approaches by different researchers have been developed to evaluate 

liquefaction potential (e.g., Seed and Idriss, 1971; Ishihara, 1977; Dobry et al., 1982; 

Iwasaki et al., 1984; Robertson et al., 1985; Law et al., 1990; and others). The common
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methods to characterize the liquefaction potential of soils both in laboratory and field are 

grouped under two main categories: (1) cyclic stress-based and (2) cyclic strain-based 

approaches. Earthquake loading and the soil liquefaction resistance are characterized in 

terms of cyclic stresses in the cyclic stress-based approach, while they are characterized 

by the induced cyclic strains in the cyclic strain-based approach.

Common tests employed in the laboratory to evaluate soil liquefaction potential 

include cyclic triaxial test, cyclic simple shear test, and cyclic torsional shear test. In the 

field, cyclic resistance of the soil can be correlated with the in situ tests such as Standard 

Penetration Test (SPT) (Seed et al., 1983), Cone Penetration Test (CPT) (Robertson and 

Campanella, 1985), shear wave velocity measurements (Andrus and Stokoe, 2000), and 

dilatometer test (Marchetti, 1982). Even though cyclic stress-based and cyclic strain- 

based approaches are most widely used in the field of geotechnical earthquake 

engineering, some other approaches such as energy-based (Figueroa et al., 1994), 

effective stress-based response analysis (Finn et al., 1977) and probabilistic approaches 

(Cetin et al., 2004) have been also developed.

Both cyclic stress-based and strain-based approaches involve three main steps: (i) 

Estimation of the cyclic shear stress or strain induced at various depths within the soil by 

the earthquake loading, together with the number of loading cycles, (ii) Estimation of the 

cyclic shear strength or resistance of the soil in cyclic stress-based approach; or expected 

pore water pressure ratio, ru, corresponding to the determined shear strain in cyclic strain- 

based approach (iii) Comparison between the induced cyclic shear stress and soils’ 

resistance in stress-based approach; or evaluation of pore water pressure ratio in strain- 

based approach.
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2.3.1 Stress-Based Approach

Seed and Idriss (1971) proposed a simplified procedure for predicting liquefaction 

potential of a soil deposit subjected to a ground motion. The cyclic shear stress developed 

at a depth of interest in the soil due to earthquake shaking is approximated by the 

following expression:

a
= 0 . 6 5 ^  crvrd (Eq. 2-1)

g

where amax is the peak recorded acceleration at the ground surface, g  is the acceleration 

due to gravity, ov is the total overburden pressure at the depth of consideration, and rd is a 

stress reduction factor, which is used to estimate the variation of shear stress with depth. 

The estimated value of cyclic shear stress is compared to the cyclic shear resistance of the 

soil, Tcyc,L, (shear stress required to cause liquefaction in a given number of loading cycles), 

which can be obtained from laboratory or in-situ tests. Liquefaction is predicted at the site 

if the equivalent shear stresses induced by the earthquake are larger than the shear stresses 

required to cause liquefaction, Tcyc /rcyc,L>1.

In order to determine the shear stress required to cause liquefaction in a given 

number of cycles, cyclic laboratory tests are preformed on representative soil specimens. 

The results are typically reported in terms of the shear stress level to cause liquefaction, 

Tcyc,i/o ’v, versus number of loading cycles, N. The number of loading cycles is correlated 

with the earthquake magnitude as shown in Fig. 2.3 (Seed et al. 1975a).

Cyclic shear resistance, Tcyc,I , may be determined from in situ testing as well. Seed 

(1979) and Seed et al. (1984) suggested that the cyclic stress ratio to cause initial 

liquefaction could be determined from Standard Penetration Test (SPT) (N160) and the 

earthquake magnitude M. Later alternative methods have been developed such as the



correlation with a Cone Penetration Test (CPT) tip resistance, qc (Robertson et al., 1985) 

or shear wave velocity, Vsi (Andrus and Stokoe, 2000).

11

Figure 2-3: Number of equivalent uniform stress cycles, Neq, for earthquakes of different 

magnitude (After Seed et al. 1975 a)
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Figure 2-4: CSR versus (Ni) 60 or qc (by Kramer, 1996).

By normalizing the cyclic shear stress amplitude by the initial effective vertical 

stress, a cyclic stress ratio (CSR= rcyc/o ’v ) is obtained to represent the level of loading at 

various depths in a soil profile. Plotting the CSR-(Ni) 60 (or CSR-qc) for liquefied and non

liquefied sites, a clear trend appears to exist as shown in Fig. 2-4. This curve can be 

interpreted as a curve of cyclic resistance ratio (CRR= Tcyc,L/ a ’v) when the maximum CSR 

is correlated with the penetration resistance of the soil. The potential for liquefaction can 

be evaluated by comparing the earthquake loading (CSR) with the liquefaction resistance 

(CRR), which is usually expressed as a factor of safety against liquefaction, FS = CRR /  

CSR. A factor of safety greater than one indicates that the liquefaction resistance is larger 

than the earthquake loading, and therefore liquefaction would not be expected.

Although liquefaction resistance can be determined from laboratory tests, it has 

been shown that several parameters can significantly affect the results of the reconstituted 

soil specimens. Early studies by Mulilis et al. (1975), Park and Silver (1975), Tatsuoka et 

al. (1986) showed that differences in the structure of the soil produced by different soil 

preparation methods can significantly influence the liquefaction resistance. Fig. 2-5 

shows the results from two different sample preparation techniques illustrating this effect.
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Depending on the method of sample preparation the stress ratio required to cause pore 

pressure ratio of 1.0 for a given number of loading cycles of soil samples having identical 

relative densities may vary by as much as 200% (Seed, 1979).

Liquefaction resistance was also shown to be influenced by factors such as: 

history of prior seismic straining (Finn et al. 1971; Seed et al. 1975b); lateral earth 

pressure coefficient and overconsolidation (Seed and Peacock, 1971); and the length of 

time under overburden pressure (Seed, 1979; and Yoshimi et al., 1989). These factors 

primarily influence the inter-granular cementation of soil particles. However, they are not 

valid factors for reconstituted samples.

Figure 2-5: Stress controlled cyclic triaxial tests of saturated crystal silica sand (after Park 
and Silver, 1975).
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2.3.2 Strain-Based Approach

The cyclic strain-based approach was developed by Dobry et al. (1980). In this 

procedure shear strains rather than shear stresses are used to characterize the earthquake 

loadings. The strain approach is based on the shear modulus, G, of the soil deposit which 

already incorporates the relative density and other parameters that determine the 

liquefaction resistance. The induced shear strain was shown to be a better parameter 

compared to shear stress for defining the excess pore water pressure buildup of saturated 

sands during undrained cyclic loading as shown in Fig 2-6. The figure clearly shows that 

excess pore pressures is mainly a function of induced shear strains and number of loading 

cycles, with the method of specimen preparation having little to no effect on the results. 

Hence, soil fabric does not play a significant role in the strain-based approach.

Conversion of irregular earthquake cyclic strains into uniform strain cycles is 

similar to that used in the cyclic stress approach. Dobry et al. (1982) proposed a 

simplified method for estimating the amplitude of the uniform cyclic strain as:

^  = 0.65 amax (Eq. 2-2)
g  G(Ycyc )

where G(ycyc)  is the shear modulus of the soil at ycyc. Estimation of G(ycyc)  should be 

performed iteratively from measured Gmax profile and appropriate modulus reduction 

curves (eg. Sun et al. 1988, Darendeli and Stokoe 2001). In the field, shear modulus at 

small strains, Gmax, can directly be measured by geophysical techniques.

To find the liquefaction potential using cyclic strain approach, the induced cyclic 

shear strain, ycyc, along with the equivalent number of cycles determined from the 

earthquake magnitude (Fig 2.3), are used for estimating the excess pore water pressure 

buildup. Liquefaction is predicted if the pore-water pressure ratio is ru>0.9.
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Figure 2-6: Measured pore pressure in saturated sands after ten loading cycles, strain 

controlled cyclic triaxial tests (Dobry et al., 1980).

2.4 Earthquake Induced Settlements of Sands

The dissipation of generated pore pressures typically after earthquakes results in 

ground settlements. Depending on the level of generated excess pore pressure, soil 

properties and other factors (such as the thickness of the effected soil layer, or depth of 

the ground water table), settlements may cause significant damage to the superstructure/ 

infrastructure. In this section earthquake induced settlements are discussed.

Loose to medium dense sand deposits tend to densify when subjected to strong 

ground motion due to the redistribution of voids within the soil (Seed 1979). Dry soil 

deposits experience densification during shaking while saturated deposits mostly settle 

and densify with the dissipation of excess pore water pressure, which is a post-shaking 

process.

Soil Specimen
Preparation (PSD Symbol

Crystal Silica No 20  Sand Dry Vibration 
Fresh Sample 14 o

Wet Roddmg 
Fresh Sample 14 A

Dry Vibrotion 
Staged Sample •A A

Sand No.l Moist Tamping IO 7
Staged Sample 20 Y

n = IO cycles 
D = 60%
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The amount of settlement for dry sands depends on density, induced shear strain, 

confining pressure, and number of loading cycles (Seed and Silver, 1972). In saturated 

sands, on the other hand, the amount of the excess pore pressure is the key factor for 

determining the volumetric strain (Lee and Albaisa, 1974). Non-liquefied sites (ru<0.8) 

exhibit limited amount of volumetric strain (-0.1%); while liquefied soil settlements can 

reach up to 5% or even higher volumetric strains depending on the initial density of the 

soil deposit (Ueng et al., 2009).

Any amount of settlement may impact the performance of both above and 

underground structures during and after the earthquakes. Therefore it is important for 

engineers in practice to be able to predict the amount of the settlement that may be 

induced by earthquake shaking.

The following sections present a review of previous studies and available 

information concerning the settlement of sands during earthquakes. Summary of the 

studies are given in Table 2-1. Additionally, common procedures for prediction of 

earthquake-induced settlement in saturated sands are presented.

2.4.1 Settlements of Saturated Sands

Lee and Albaisa (1974) studied the settlement of sands caused by dissipation of 

excess pore pressure through stress-controlled cyclic triaxial tests. They reported that the 

amount of reconsolidation volumetric strain (sv = AVpi/Vpc, where AVpi is post-loading 

volume change, and Vpc is post consolidation, pre-loading volume) for incomplete 

liquefaction conditions (ru<1) is a function of (1) grain size (2) relative density, and (3) 

developed excess pore pressure generation. For a given soil, density, and confining 

pressure, the volumetric strain for non-liquefied saturated soils was dependent on the 

excess pore pressure buildup, as shown in Fig. 2-7. The volume change data formed a 

unique curve whether the loading disturbance was a few intense cycles or a large number
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Table 2-1: Summary of previous research on settlement of sands.

Testing
technique

Soil
tested

Nature of 
testing Results Reference

Simple
shear Dry sand

Strain
controlled

Important parameters influencing 
the settlement were: (1) relative 

density, (2) magnitude of the cyclic 
shear strain, and (3) number of 

strain cycles Silver and Seed, 1971

Triaxial
Saturated

sands

Amount of reconsolidation 
volumetric strain is a function of 
(1) grain size (2) relative density, 

and (3) developed excess pore 
pressure generation. Larger 

Stress volumetric strains were observed 
controlled with increasing confining pressures Lee and Albaisa, 1974

Simple Saturated Stress
Amount of settlement significantly 
depends on the induced maximum

shear sands controlled shear strain and density of soil. Tatsuoka et al., 1984

Previous
studies'

data
analysis

Maximum shear strain is an 
important factor influencing the 

probable settlements after 
liquefaction Tokimatsu et al., 1987

Simple Saturated Strain

Specimens subjected to cyclic 
straining smaller than threshold 

shear strain value, yiyc <ytv , 
experienced no permanent 

volumetric strain, while those 
tested at shear strains higher than 

the threshold value settled Hsu and Vucetic,
shear sands controlled appreciably. 2004

Biaxial
laminar Saturated Stress

Settlement without liquefaction 
was generally very small 

(ev»0.1%). Significant volume 
changes (ev up to 8%) occurred

shear box sands controlled only when there was liquefaction. Ueng et al., 2009
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of weak cycles. They concluded that for pore pressure ratios less than about ru=0.6, the 

relationship between volumetric strain and peak pore pressure ratio could be 

approximated by the representative average line (dashed line) as shown in Fig. 2-7.They 

also concluded that the settlement was almost independent of how the excess pore 

pressure was generated (i.e. either under cyclic or static loading conditions). No 

conclusions were drawn about the possible effect of the induced strains on the post 

liquefaction settlement.

 1---------------1--------------- r

Monterey Sand

O 0 2 0.4 0 6 0 8 10

Pore Pressure Ratio, Au/o,^

Figure 2-7: Relationship between Volumetric Strain and Induced Pore Pressure Ratio 

(after Lee and Albaisa, 1974).



19

In the same study Lee and Albaisa (1974) also investigated the influence of 

confining pressure and grain size on the volumetric strain. The influence of confining 

pressure was found to be significant only for developed excess pore pressure ratios 

greater than r u=0.6. In general, larger volumetric strains were observed with increasing 

confining pressures (ev=0.8% and 1.0% under 206kPa and 413kPa confinement, 

respectively, at ru=0.9). Soil type and size of the grains were reported to have relatively 

significant importance on the amount of volumetric strains. Coarser grained soils led to 

larger volumetric strains compared to the finer grained sands at all excess pore pressures. 

Lee and Albaisa pointed out that grain shape may be a more fundamental characteristic 

than the grain size.

Continued application of cyclic stresses beyond the initial liquefaction results in 

progressively increasing transient axial strains (Seed and Lee, 1966; Lee and Albaisa,

1974). However, no quantitative data have been reported to this effect in the literature. 

Lee and Albaisa (1974) reported that their test results were widely scattered showing no 

obvious trend between volumetric strain beyond initial liquefaction and any of the 

variables they had investigated. They attributed the scatter in the data to the high 

distortions developed in the sample after initial liquefaction.

Tatsuoka et al. (1984) studied the influence of various parameters on volumetric 

strains after initial liquefaction (ru=1) through cyclic stress-controlled, undrained simple 

shear tests. They found that the amount of settlement significantly depends on the 

induced maximum shear strain and density of soil. The settlement was found to be 

relatively insensitive to the overburden pressure. Tokimatsu et al. (1987) compiled 

previous data (Tatsuoka et al., 1984; Lee and Albaisa, 1974; and Yoshimi and Hiroshi,

1975) and reported that the maximum shear strain is an important factor influencing the 

settlement after liquefaction. It should be noted that these studies referred to the 

maximum shear strain that developed in the sample during cyclic stress-controlled 

testing, and it is unclear if  the influence of the shear strains on settlement was due to the
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nature of stress-controlled testing (i.e., progressive increase in strain). A direct evaluation 

of the strain effect may be achieved through strain-controlled testing. Tokimatsu et al. 

(1987) presented correlations between relative density, maximum shear strain and the 

volumetric strain, as shown in Fig. 2-8. The data show consistent trends despite the fact 

that different sands were used in each of the investigations. The volumetric strain 

decreases significantly with increasing relative density. It is also evident that larger 

induced shear strains result in larger volumetric strains at a constant relative density.

Figure 2-8: Relationship between volumetric strain, induced strain and relative density 

for sands (after Tokimatsu et al. 1987).
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As discussed in the previous section, liquefaction resistance in stress-controlled 

approach depends on factors such as method of sample preparation, and the stress history. 

Tokimatsu et al. (1987) reported that these factors were less significant when dealing 

with post-liquefaction volumetric strain. He attributed this to the relatively large strains 

developed during liquefaction and suggested that the settlement behavior of sands is 

primarily controlled by the relative density and the induced maximum shear strain.

More recently, Ueng et al. (2009) conducted a study on settlement of a saturated 

clean sand using a large biaxial laminar shear box. Various one- and multi-directional 

sinusoidal input motions were imposed by a shaking table at different frequencies and 

accelerations. Loading accelerations, varying from 0.03g to 0.15g, and durations, from 5s 

to 30s, caused both liquefied and non-liquefied results. It was found that the settlement of 

a sand deposit without liquefaction during shaking was generally very small ( ^ 0 .  1%). 

Significant volume changes (ev up to 8%) occurred only when there was liquefaction of 

sand. They reported that post-liquefaction volumetric strain of the sand decreased with 

increasing relative density regardless of shaking amplitude, frequency and direction (1-D 

or 2-D shaking), but increased with shaking duration (i.e. number of loading cycles). 

Moreover, their results indicated that surcharge mass (applied to simulate about 1m thick 

overlying soil layer) did not significantly affect the settlement characteristics for sand 

without liquefaction, while surcharge slightly increased volumetric strains for liquefied 

specimens.

Most of the previous studies on saturated sand settlements were performed 

through stress controlled testing. The amount of settlement was correlated to shear strains 

that developed at the liquefaction cycle (depending on the liquefaction criterion. i.e. 

either ru approached to 1.0 or double amplitude axial strain of about 5%). Saturated sand 

settlement has not been thoroughly investigated by strain-controlled testing. Few studies 

(Seed and Silver, 1971; Youd, 1972; Vucetic 1994; Hsu and Vucetic, 2004) employed 

strain controlled simple shear tests in soil settlement tests, but they also either referred to
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the settlement behavior of cohesive materials (Vucetic 1994, Hsu and Vucetic, 2004) or 

concentrated on different aspects (such as dry soils, threshold values of shear strains and 

other aspects) of the soil settlement, and no direct evaluation of the strain effect on post- 

cyclic loading settlement has been done.

Silver and Seed (1971), and Youd (1972) studied the behavior of dry uniform 

silica sand under seismic loading conditions using Norwegian Geotechnical Institute 

(NGI) type simple shear apparatus. Silver and Seed showed that the shear strain, rather 

than shearing stress, controls the rearrangement of soil particles and consequently the 

settlement of sand deposits. They found that the important parameters influencing the 

settlement were: (1) relative density, (2) magnitude of the cyclic shear strain, and (3) 

number of strain cycles. They also reported that the settlement amount was relatively 

insensitive to the vertical stress. Youd also confirmed that shear strain was the primary 

factor causing compaction for dry granular materials. He showed how shear strains could 

be used to predict in situ density changes due to static, vibratory or seismic sources.

Hsu and Vucetic (2004) evaluated a threshold value for shear strain, ytv, below 

which little to no volumetric strain occurs using the results of direct simple shear 

multistage strain controlled tests. Specimens subjected to cyclic straining smaller than 

threshold shear strain value, ycyc <Ytv , experienced no permanent volumetric strain, while 

those tested at shear strains higher than the threshold value settled appreciably. Such 

behavior is depicted in Fig. 2-9. In their study Hsu and Vucetic reported that ytv is larger 

for clays than for sands and that it generally increases with the soils plasticity index. yv  ~ 

0.01-0.02% was obtained for sands, and ytv ~ 0.012-0.022% (PI=9.5), ytv ~ 0.020-0.033% 

(PI=23), and ytv ~ 0.04-0.09% (PI=30) were obtained for clays.
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Figure 2-9: Sketch of typical results of cyclic simple shear strain-controlled tests with 

definitions of volumetric cyclic threshold strain: (a) strain time histories of 

three cyclic strain controlled settlement tests; (b) variation of vertical strain, 

ev, over time (c) relationship among cyclic vertical strain, evc, cyclic shear 

strain amplitude, yc, and number of cycles, N  (after Hsu and Vucetic, 2004).
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2.4.2 Estimating Post Cyclic Loading Settlements of Sand Deposits

Silver and Seed (1971) described a method for estimating settlement in dry or 

partially saturated sands where no pore pressure changes are involved. Based on the 

results of strain-controlled cyclic simple shear tests on dry sands at relative densities 

ranging between 45% and 80%, and effective confining stresses from 24kPa to 191kPa, 

they found relationship between volumetric strain and shear strain as shown in Fig. 2-10. 

The relationship shown in Fig. 2-10 is applicable only for cases involving 15 equivalent 

uniform strain cycles, which are for a magnitude 7.5 earthquake. Correction factors 

shown in Table 2-2 need to be applied if other magnitude events are to be considered. 

Note that under actual earthquake loading conditions soils are subjected to 

multidirectional shaking, whereas relations shown in Fig. 2-10 are based on 

unidirectional straining conditions. Pyke et al. (1975), using multidirectional shear as 

well as unidirectional shear, concluded that “settlements caused by combined horizontal 

motions are about equal to the sum of the settlements caused by the components acting 

alone”, meaning that the volumetric strains estimated from Fig 2-10 should be doubled to 

take the multidirectional effect into account.

Table 2-2: Influence of earthquake magnitude on £v ratio (after Tokimatsu et al., 1987).

Earthquake 
magnitude, M 

(1)

Num ber of 
representative 

cycles at 0.65max 
(2)

Volum etric strain 
correction factor,

£cn /  £c n =15 (3)
8-1/2 26 1.25
7-1/2 15 1.0
6-3/4 10 0.85

6 5 0.6
5-1/4 2-3 0.4
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Figure 2-10: Relationship between shear strain and volumetric strain (after Silver and 

Seed, 1971).

For settlement of saturated soil deposits, semiempirical methods have been 

developed by Tokimatsu and Seed (1984), Shamoto et al. (1998), or Wu and Seed (2004). 

Tokimatsu and Seed (1984) presented a set of chart solutions for estimating post cyclic 

volumetric strains based on cyclic triaxial and simple shear tests performed on clean 

sands, as shown in Fig. 2-11. The methodology requires using overburden-, fines-, and 

the procedure- corrected SPT values (N1.60, cs) and duration-, and overdurden- corrected 

CSR values. Settlement for soil deposits increase up to ev=10% with increasing CSR and 

decreasing SPT values, as seen in the figure. Shamoto et al. (1998) proposed a set of 

constitutive equations to describe liquefaction induced soil settlements based on the 

results of torsional shear tests. Fig. 2-12 shows charts, corresponding to fines contents of 

0, 10, and 20%, proposed by Shamoto et al. for determining cyclicly induced volumetric 

strains as a function of CSR and SPT blow counts (Nadj, where Nadj is the adjusted number 

of SPT blow counts for the corresponding fines content).
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Figure 2-11: Post cyclic volumetric strain assessment chart (after Tokimatsu and Seed, 

1984).

£,.(%)= 10 S 6 4 Sv (%)= 10 8 6 4 2 1

N-j

EV(%)=10S 6 4 2 1

N idj N^i

Figure 2-12: Charts for predicting residual volumetric strains (after Shamoto et al., 1998).
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Based on the results of irregular loading, direct cyclic simple shear tests, Ishihara 

and Yoshimine (1992) recommended correlations between the reconsolidation volumetric 

strains and the factor of safety against liquefaction (FSnq), as presented in Fig. 2-13. Soil 

resistance is given in terms of SPT blow counts (N1.72), corrected to 72% hammer 

efficiency. The earthquake loading is represented in terms of FSnq, the ratio of cyclic 

resistance ratio (CRR) to cyclic strength ratio (CSR). After calculating N u 2 and FSuq of 

each layer, total ground surface settlement is obtained by integrating volumetric strain in 

each layer. In addition to volumetric strains, the figure also provides expected maximum 

shear strain (ymax) corresponding to calculated factor of safety and SPT values.

n  jo 1 — 1 . 1 — 1

on in  2J0 3 n tn 5 jo 6n
r<0/«)

Figure 2-13: Volumetric assessment charts (by Ishihara and Yoshimine, 1992).
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A probabilistic approach was proposed by Cetin et al. (2009) to predict post

loading settlements of saturated cohesionless soils. The model was developed based on 

case histories from seven different earthquakes. Using this method the volumetric 

reconsolidation settlement can be obtained either by the chart solution given in Fig. 2-14 

or the closed form solution as:

lnO v ) = ln 1.879 ln
780.416 ln(CSRS S  ,20,1D,1atm ) -  N1,60, CS + 2,442.465

636.613N160CS + 306.732
+ 5.583 ±0.689

(Eq. 2-3)

lim: 5 < Ni,60,cs < 40 

0.05 < CSRsS,20,ID, 1atm < 0.60

where:

N 1,60,cs = Overdurden-, fines-, and procedure- corrected SPT blow counts 

CSRSS,201D,1atm = CSRfieid value equivalent of unidirectional, 20 loading cycles simple 

shear test performed under 100kPa confining pressure.

Cetin et al. (2009) pointed out the main advantage of the method to be the 

probabilistic nature of the calibration coefficient that enables it to incorporate the model 

uncertainty into settlement predictions. Better correlation coefficient and smaller model 

error (based on 49 case history data) were shown to compare the method as a better 

alternative to previous methods.
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Figure 2-14: Post cyclic volumetric strain boundary curves (Cetin et al., 2009).

2.5 An Alternative Liquefaction Mitigation Technique

There exist many liquefaction mitigation techniques used by engineers in practice 

to decrease the risk of liquefaction and consequent hazards. Most common methods to 

improve the engineering properties of the soils can be classified as densification, 

reinforcement, grouting/mixing and gravel drainage (Mitchell et al., 1995; Adalier and 

Elgamal, 2004; Yegian et al., 2007). Use of geofibers may be one of the most practical 

reinforcement methods due to technical feasibility and cost effectiveness (Maher and 

Woods, 1990). Mixing geofibers in liquefiable materials may decrease the potential for 

liquefaction by increasing the dynamic shear modulus of the soil deposit and reducing the 

development of excess pore pressure (Noorany and Uzdavines, 1989). Increased dynamic 

shear modulus can potentially limit the excess pore pressure generation. Main advantages 

of maintaining low excess pore pressure (ru<0.5) are: (1) Major soil strength and stiffness
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is preserved, enabling the stratum to continue providing the necessary vertical and lateral 

support to the overlying structure (Adalier and Elgamal, 2004); (2) Large soil settlements 

are prevented since dissipation of higher excess pore pressures (ru>0.6) was shown to be 

the main cause for the large post loading settlements (Lee and Albaisa, 1974; Tokimatsu 

et al. 1987).

Soil reinforcement technique with randomly distributed fibers is used in a variety 

of applications such as retaining structures, embankments, subgrade stabilization and 

others. Random fiber reinforcement is a stabilization of soils by mixing discrete fibers 

with the soil at an effective fiber content, f  (ratio of geofiber to dry weight of sand, 

expressed in percentage). Many studies have shown increased overall strength of soils 

mixed with geofibers under static loading conditions (e.g., Gray and Ohashi, 1983; Gray 

and Al-Refeai, 1986; Maher and Gray, 1990; Consoli et al., 1998; Santoni et al., 2001; 

Yetimoglu and Salbas, 2003). However, few studies focused on the dynamic response of 

the geofiber mixed granular soil specimens (Maher and Woods, 1990; Noorany and 

Uzdavines, 1989). A review of previous studies related to reinforcement of sands using 

geofibers is presented in the following section and summarized in Table 2-3.

2.5.1 Previous Research on Fiber Reinforced Sands

Gray and Ohashi (1983) investigated the mechanical properties of cohesionless 

soils reinforced with fibers. They showed that inclusion of fibers resulted in significant 

increase in peak shear strength and limited post-peak drop of shear resistance. Gray and 

Al-Refeai (1986), based on triaxial compression tests on sand specimens, indicated that 

engineering properties of sands are influenced by geofiber content, type, length, and 

orientation. Many research efforts have been devoted to determine the effect of each 

individual parameter on the different engineering properties of the fiber reinforced soils. 

Al-Refai (1991) in his study reported that fibers longer than 51mm did not significantly 

contribute to the overall increase of stiffness for fine and medium sands. The peak shear
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Table 2-3: Summary of previous studies with geofiber reinforced sands.

Testing
technique

Soil
Tested

Nature of 
testing Results Reference

Direct shear Dry sand
Static

loading

Significant increase in peak shear 
strength and limited post-peak 
reductions in shear resistance

Gray and Ohashi,
” 1983

Triaxial
compression Sand

Static
loading

Reinforcement improved strength, 
increased the axial strain at failure, 

and in most cases reduced post-peak Gray and Al-Refeai,
loss of strength 1986

Cyclic triaxial
Saturated

Sand
Dynamic
loading

Specimens reinforced with randomly 
distributed fibers exhibit a relatively 

higher increase in resistance to 
liquefaction

Noorany and 
Uzdavines, 1989

Resonant- 
column and

torsional shear Sand
Dynamic
loading

Dynamic modulus increases with 
increasing fiber aspect ratio, modulus, Maher and Woods, 

and with increasing fiber content 1990

Triaxial
compression Sand

Static
loading

Randomly distributed fiber inclusions 
significantly increased the ultimate 

strength and stiffness of sands
Maher and Gray, 

1990 ^

Unconfined 
compression, 

splitting 
tensile and 

drained triaxial 
compression

Uniform
fine sand

Static
Loading

Fiber reinforcement improved the 
peak and ultimate strength of both 
cemented and uncemented soil and 
somewhat reduced the brittleness of 

the cemented sand Consoli et al., 1998

Unconfined
compression Sand

Static
Loading

Inclusion of randomly oriented 
discrete fibers significantly improved 
the unconfined compressive strength 
of sands; Optimum fiber length of 51 
mm (2 in.) was identified; Maximum 
performance was achieved at a fiber 

dosage rate between 0.6 and 1.0% dry 
weight Santoni et al., 2001

Direct shear Sand
Static

Loading

Inclusion of fibers reduced soil 
brittleness providing smaller loss of 

post-peak strength
Yetimoglu and 
Salbas, 2003
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and compressive strengths of soils were reported to increase with the increase in geofiber 

content showing a trend of limiting values beyond which no additional benefits were 

observed (Gray and Al-Refai, 1986; Maher & Ho, 1994; Ranjan et al. 1996; Webster & 

Santoni, 1997).

Gray and Al-Rafai (1986) reported that reed geofibers showed much better 

improvement in soil strength compared to glass geofibers due to greater surface friction 

properties. Sands stabilized with geofiber contents greater than 2% by dry weight of soil 

achieved no added benefit (Gray & Al-Refai, 1986; Ranjan et al. 1996). California 

Bearing Ratio of sandy silts was reported to increase best by using fibrillated geofibers at 

an optimum geofiber content of 1.0% by dry weight (Fletcher and Humphries, 1991). 

Tutumluer et al. (2004) suggested that sand-geofiber mixtures should contain an optimal 

amount of fines needed for geofibers to mobilize the shear strength of the mix effectively.

Improvement of engineering properties due to the inclusion of discrete fibers was 

determined to be a function of a various parameters, including fiber type, fiber length, 

aspect ratio (length/diameter), fiber content, orientation, and soil properties. Optimum 

conditions were noted by many of the investigators but varied widely between 

experiments due to differences in material properties and test conditions (Tingle et al. 

2002).

Inclusion of fibers was also reported to improve the response of cohesionless soils 

undergoing dynamic loads. Fibers have been shown to contribute to increased dynamic 

shear modulus and liquefaction resistance of sands subjected to low and high amplitude 

dynamic loads. (Noorany and Uzdavines, 1989, Maher and Woods, 1990;). Noorany and 

Uzdavines used four different reinforcing elements (polypropylene fabric, fine steel-wire 

mesh, nylon netting, and fine polypropylene fibers) in nine different configurations in the 

reinforced soil specimen. The specimens were saturated and tested under cyclic triaxial 

conditions for evaluation of their liquefaction resistance. They concluded that, in
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comparison to other configurations, the specimens reinforced with randomly distributed 

fibers exhibit a relatively higher resistance to liquefaction (Fig. 2-15). As can be seen 

from the figure, the influence is especially more pronounced at cyclic stress ratios (CSR) 

greater than about 0.35. At CSR=0.4 the number of cycles required for non-reinforced 

sand to reach liquefaction is about 10, whereas fiber reinforced specimens required 30 to 

50 cycles to liquefy.

Maher and Woods (1990) performed resonant-column and torsional shear tests to 

determine the dynamic response (shear modulus and damping) of sands reinforced with 

discrete, randomly distributed fibers. The effect of fiber inclusion was evaluated in terms 

of shear strain amplitude, confining pressure (overburden pressure), prestraining, number 

of cycles, fiber content and shear modulus. They concluded that at confining pressure of 

48kPa, the dynamic shear modulus increased up to 1.5 times more compared to 

unreinforced samples with increasing fiber aspect ratio (L/d=125), and fiber content 

f=3% ). Maher and Woods in the same study also evaluated the effect of shear strain 

amplitude on the damping ratio, D. They reported that fibers contributed to the damping 

capacity of reinforced sand composites under low-strain amplitudes (y=10'4% to 10-2%). 

However, at larger strains, the damping capacity decreased and became equal to that of 

unreinforced sand. They attributed this effect to the dominating characteristics of the 

geofibers at lower strains; while at higher strains sand’s stiffness became more 

pronounced and caused lower damping capacity.
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Figure 2-15: Comparison of cyclic stress ratio versus number of cycles to initial

liquefaction: from cyclic liquefaction tests on unreinforced specimens and 

specimens reinforced with various materials (after Noorany and Uzdavines, 

1989).

2.6 Summary

Granular soils tend to contract when subjected to earthquake type loadings. If soil 

is saturated, the primary effect of the shaking under undrained conditions is the 

generation of excess pore water pressures. Liquefaction is initiated when the generated 

excess pore pressure reaches the value of overburden pressure. Either stress or strain 

controlled testing is performed on saturated soils in order to evaluate the potential for 

liquefaction. In the stress controlled approach, liquefaction at the site is predicted if the 

equivalent shear stresses induced by the earthquake are larger than the shear stresses required 

to cause liquefaction. In the strain controlled approach, the cyclic shear strain, yc, along with
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the equivalent number of cycles, determined from the earthquake magnitude, are used to 

estimate the pore water pressure buildup from experimental curves. Liquefaction is predicted 

if the cyclic shear strain corresponds to a pore-water pressure ratio of about 1.0.

Dissipation of excess pore pressure after loading (i.e. earthquake) leads to 

reconsolidation settlements. The soil characteristics and the length of the drainage are the 

factors that determine the time required for the settlements to develop. The amount of 

settlement primarily depends on the developed excess pore pressure, the relative density, 

induced shear strains, and the thickness of the soil layers affected by the shaking. Settlements 

increase with increasing pore pressure, shear strain and the thickness of soil layer, and 

decrease with increasing relative density.

One of the viable techniques in achieving an increased soil’s strength and load- 

bearing capacity to reduce liquefaction potential is the use of geofibers. Laboratory tests 

show up to a 50% increase in soil shear strength in cohesive soils reinforced with geofibers. 

A number of soil fiber parameters such as fiber content, orientation of fibers and fiber 

modulus were found to be influence the contribution of fibers to increased strength. Inclusion 

of fibers also has improved effect on dynamic properties of soils. Fibers have been shown to 

contribute to increased dynamic shear modulus, damping and liquefaction resistance of sands 

especially undergoing low amplitude dynamic loads.
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Chapter 3 

Methodology for Cyclic Strain-Controlled Tests

3.1 Introduction

In this chapter, testing methodology and techniques used in this investigation is 

covered. First, cyclic triaxial testing; its use in earthquake studies; and the equipment 

used in this research are presented. Next, the materials used are introduced along with 

their engineering properties. Sample preparation techniques employed in triaxial testing 

and the technique adopted for this study are outlined. Finally, execution of the testing is 

presented.

3.2 Cyclic Triaxial Testing

Although soils are subjected to complex loadings during earthquakes, most of the 

energy is transferred in the form of vertically propagating shear stress waves. The 

resulting loading acting on the soil is idealized as a series of cyclic shear stresses which is 

applied in the principal directions (i.e., horizontal and vertical planes) of a soil element, 

as shown in Fig. 3-1. The soil element is at rest condition at stage A, only horizontal and 

vertical components of overburden pressure is being applied. A vertically propagating 

shear wave produces shear stresses that distort the element shown as in stage B. Shear 

stresses reverse in direction due to their cyclic nature going through stage C (rest 

condition, identical to stage A) and being re-applied on the opposite direction shown as in 

stage D. This loading combination on the soil element can approximately be reproduced 

in the laboratory by cyclic triaxial test. Therefore, cyclic triaxial test has been the most 

commonly used testing technique to study the soil behavior subjected to dynamic 

loadings.
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Figure 3-1: Stress and strain conditions imposed on an element of soil below level ground 

surface by vertically propagating shear waves at four different times (Kramer, 

1996).

In triaxial test, a cylindrical specimen is placed between top and bottom platens 

and surrounded by a thin rubber membrane. Fig. 3-2 illustrates a typical triaxial 

apparatus. A radial confinement stress is applied to the specimen by controlling the cell 

pressure, while axial stresses are induced directly through top platen. Therefore, the 

principal stresses in the specimen are always vertical and horizontal.

The difference between the principal stresses (axial and radial stresses) is called 

the deviator stress, symbolized as od. In cyclic triaxial test, the deviator stress is applied 

cyclically, either under stress-controlled or strain-controlled conditions. Typically, 

stresses are controlled by setting the axial loader to a pre-determined maximum and 

minimum loading stresses. In strain controlled tests, axial displacement is set as the 

control variable which can be controlled and recorded by Linear Variable Differential 

Transformer (LVDT) sensors. Cyclic triaxial tests are most commonly performed with 

the radial stress held constant and the axial stress cycled at a frequency of about 1Hz 

(ASTM-D5311). Lower frequencies can be used to allow adequate time for homogenous 

distribution of generated pore pressure within the specimen (Vaid et al., 1987).
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Figure 3-2: Typical triaxial apparatus.
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Simulation of stresses during triaxial testing is illustrated in Fig. 3-3. Axial stress 

of od, induces shear stress on the 45 degree shear plane by od/2. When the direction of 

axial stress is reversed the direction of shear stress also reverses. The additional normal 

stress acting on the shear plane is ignored due to its compressive nature which is mostly 

transmitted to the pore water without affecting the existing effective confining stress. 

Loading conditions acting on the shear plane in cyclic triaxial test is the same as those 

produced on the horizontal plane in the ground during earthquakes. According to Ishihara 

(1996), this correspondence serves as the main reason for the cyclic triaxial testing to 

produce meaningful data in determining the resistance of sands to liquefaction.

Typical response from an undrained cyclic triaxial test performed on loose sand is 

shown in Fig. 3-4. The specimen shows almost no deformation in the earlier cycles. 

However, once the liquefaction is triggered with increased pore pressures (past #=40), 

the shear strength of the specimen reduces significantly and large deformations in the 

specimen develop. The initial liquefaction is assumed to have reached after either a 

threshold amount of axial strain amplitudes (typically 5% double axial amplitude) or pore 

pressure ratio, ru, of about 1 is recorded.
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Figure 3-3: Stresses induced on soil element during cyclic triaxial testing (by Ishihara, 

1996).



41

Figure 3-4: Typical response from an undrained cyclic triaxial test performed on loose 

sand (Ottawa sand, CSR=0.25, D r=52.35%, o ’c=100kPa).
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The cyclic triaxial apparatus has been successfully adopted by researchers in 

many liquefaction tests of granular soils. Liquefaction potential profile of soil deposits 

can be determined by tests conducted on specimens with variable initial conditions using 

either stress or strain controlled loading. Results of studies have shown that sample’s 

resistance to liquefaction in triaxial testing is mainly influenced by factors including 

initial confining stress, intensity of shaking (either cyclic stress ratio or peak to peak 

amplitude of induced shear strain), number of loading cycles and void ratio (Ishihara, 

1996).

Despite its widely accepted use in geotechnical research, some drawbacks related 

to cyclic triaxial testing have been reported in the literature. Seed and Peacock (1971) 

mentioned that unlike in situ conditions, where the orientation of principal stresses rotate 

slightly and smoothly, in cyclic triaxial testing principal stresses rotate instantaneously by 

90o during each cycle of loading. Friction between the soil sample and the end platens 

was shown to limit lateral deformation in specimens with height to diameter ratio lower 

than 1.5 (Tatsuoka et al. 1986). Necking tendency of specimens as the liquefaction is 

approached under cyclic loading is another major drawback as it can cause non-uniform 

application of stresses and thus lead to a premature failure (Seed and Peacock, 1971; 

Casagrande, 1976). Another limitation of cyclic triaxial testing, especially in stress 

controlled tests, is the effect of specimen preparation, as was discussed in Section 2.3.1. 

Ishihara (1996) suggested that the test results on reconstituted samples should not be 

considered as to reflect true behavior of in situ sands. High quality undisturbed samples 

need to be considered to precisely evaluate performances of in situ sands during 

earthquakes. However, by careful testing these and other drawbacks of cyclic triaxial 

testing can be minimized.
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3.2.1 GCTS Cyclic Triaxial Equipment

The testing equipment used in this research is a custom-made triaxial equipment 

manufactured by Geotechnical Consulting and Testing Systems (GCTS). The unique dual 

mode design allows the system to be also used as a simple shear testing apparatus. The 

system is equipped with signal conditioning, servo amplifier, computer interface and data 

acquisition units. Dedicated computer software CATS enables the system to be controlled 

by the computer. Servo valves for normal loading in both modes; and shear loading in 

simple shear mode serve as the controlling means for hydraulically actuated axial and 

shear loaders. These actuators can be controlled cyclically, monotonically or by user 

defined loading functions. Cell pressure and back pressure of the system can either be 

regulated manually or using servo valves that are actuated pneumatically. A photo of the 

apparatus is shown in Fig. 3-5.

The triaxial cell is capable of accommodating 4 in (101.6mm) diameter by 8+ in 

(203.2mm+) samples. The cell pressure and back pressure operation range allows up to 

1000kPa. Pressure panel burettes provide 250ml of capacity with a resolution of 0.1ml. 

Up to 32 transducers can be installed and controlled with the signal conditioning unit. 

Servo amplifier is equipped with the hardware to control the servo valves. The sampling 

rate for the data acquisition can be increased up to 100kHz. Sensor capacities and 

sensitivities are summarized in Table 3-1.
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Figure 3-5: Photo of GCTS dynamic triaxial equipment used in this study.
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Table 3-1: Sensor information in the GCTS triaxial equipment

Measurement Sensor
Capacity or 
Range Sensitivity

Axial D isplacem ent (Big) Big Axia l LVDT ±25.4 mm ±0.0254 mm

Axial D isplacem ent (M ini) M iniature Axia l LVDT ±2.54 mm ±0.0016 mm

Axial D isplacem ent 2 (M ini) M iniature Axia l LVDT ±2.54 mm ±0.0016 mm

Vertical Load Load Cell 2000 lb (8895 N) ±0. 3 lb (1.3 N)

Shear Load Load Cell 500 lb (8895 N) ±0.1 lb (0.4 N)

Cell Pressure Pressure Transducer 1000 kPa ±2.5 kPa

Back Pressure Pressure T ransducer 1000 kPa ±2.5 kPa
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3.2.2 Equipment Verification

Prior to executing the testing program for research, the system’s performance was 

verified by conducting both stress and strain controlled tests and comparing the results 

with previously published data. Undrained, stress-controlled triaxial tests were performed 

on reconstituted samples of Ottawa C-109 sand with relative densities ranging from 51 to 

54% under effective confining stress of 100kPa. Samples were cyclically loaded at Cyclic 

Stress Ratios (CSR) in the range from 0.2 to 0.6 and terminated at liquefaction (ru=1.0). 

Cyclic resistance curve (CSR versus N) was generated and compared to those reported by 

Carraro et al. (2003), as shown in Fig. 3-6. Results of this study showed reasonably good 

agreement, generating a smooth curve falling in between the curves reported for relative 

densities of 40 and 67%.

Undrained, strain-controlled, cyclic triaxial tests were performed on Monterey 

#0/30 sand (index properties given in Table 3-2) at shear strains varying from 0.005% to

0.3%. Measured excess pore pressure ratios at the 10th loading cycles were plotted versus 

applied shear strains, and compared to the results of Dobry (1985). Dobry presented a 

band for the excess pore water pressure generation from cyclic triaxial tests with various 

sands, specimen preparation techniques, relative densities and initial effective confining 

stresses. Fig. 3-7 shows the results of the verification tests along with Dobry’s lower and 

upper bounds of pore pressure ratios in terms of shear strains after the 10th cycle. The 

results indicate quite good agreement. It should be noted that the value for the threshold 

shear strain was found to be 0.01%, which is in agreement with Dobry’s results. Based on 

these results it was concluded that the GCTS triaxial equipment produced reliable data 

through both stress and strain controlled testing.
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Table 3-2: Index properties of clean Monterey #0/30 sand.

Index Properties of Monterey Sand #0/30
Specific Gravity 2.64
Maximum Void Ratio 0.85
Minimum Void Ratio 0.57
D 10 (mm) 0.34
D30 (mm) 0.44
D60 (mm) 0.51
Cu 1.5
Cc 1.12
USCS Soil Classification SP
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Figure 3-6: Stress controlled tests on Ottawa C-109 sand compared to the results of the 

study by Carraro et al. (2003).

Figure 3-7: Pore pressure ratios of Monterey #0/30 sand in terms of induced shear strains 

as compared to the lower and upper bounds of the band suggested by Dobry 

(1985).
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3.3 Materials Used

Ottawa sand (C-109) and polypropylene geofibers were used in this study. Ottawa 

sand is a commercially produced, washed and sieved clean sand. Tape and fibrillated type 

fibers were used in fiber reinforced specimens. Macro scale pictures of the fibers are 

shown in Fig. 3-8. The index property tests performed on the soil were in accordance 

with ASTM standards. ASTM D422 was followed in determining the gradation curve of 

the sand. Specific gravity of the soil specimens was determined according to ASTM 

D854. The maximum and minimum unit weights were determined each by two different 

methods dictated by ASTM D4253 and ASTM D4254, respectively. The results shown in 

the following sections agree well with the previously reported studies on Ottawa sand 

(e.g. Carraro, 2003).

3.3.1 Gradation

Gradation of a soil is an important engineering property that effects hydraulic 

conductivity, compressibility, and shear strength. However, engineering behavior of soils 

is dependent upon many factors, such as effective stress, stress history, mineral type, 

structure, plasticity, and geologic origins.

The ASTM D422 grain size analysis test determines the relative proportions of 

different grain sizes as they are distributed among certain size ranges. The grading curve 

of the Ottawa sand is shown in Fig. 3-9. Coefficient of uniformity, Cu, and coefficient of 

curvature, Cc, were based on the approximate values of D 10, D 30 and D 60 obtained from 

Fig. 3-9.
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Figure 3-8: Fibrillated and tape type polypropylene geofibers used in geofiber reinforced 

specimens.
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Figure 3-9: Grain size distribution of clean Ottawa sand (C109).

3.3.2 Specific Gravity

Specific gravity is the ratio of the mass of unit volume of soil at a specified 

temperature to the mass of the same volume of de-aired distilled water at the same 

temperature. Specific gravity is required in calculation of soil properties such as void 

ratio, degree of saturation and weight-volume relationships.

Three specimens were tested and the results were averaged to determine the 

specific gravity of the soil. The average values are summarized in Tables 3-3 and 3-4. 

Inclusion of fibers significantly influenced the results. Values of specific gravity in the 

mixed soil specimens consistently decreased with the increasing fiber content for both 

types of fibers. No significant difference was observed between the two fiber types at the 

same fiber content, which probably was due to the same fiber properties, as shown in 

Table 3-5.
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Table 3-3: Index properties of clean Ottawa sand.

Index Properties of Ottawa Sand (C-109)
Specific Gravity 2.66
Maximum Void Ratio 0.78
Minimum Void Ratio 0.48
D 10 (mm) 0.25
D30 (mm) 0.36
D60 (mm) 0.45
Cu 1.8
Cc 1.15
USCS Soil Classification SP

Table 3-4: Index properties of sand fiber mixtures used in this study.

Geofiber Type 
Geofiber Content, _ f  (%)

Tape Fibrillated
0.2 0.5 1.0 0.2 0.5 1.0

Specific Gravity, Gs 2.65 2.64 2.61 2.65 2.64 2.61
Minimum Void Ratio, emin 0.54 0.55 0.53 0.53 0.54 0.57
Maximum Void Ratio, emax 0.70 0.75 0.89 0.73 0.78 0.94

Table 3-5: Summary of fiber properties (as supplied by the manufacturer).

Property Value
Polypropylene 99.40%
Moisture Absorption Nil
Fiber Length 5.08 cm
Color Black
Specific Gravity 0.91 g/cm3
Carbon Black Content 0.60%
Tensile Strength 310 MPa
Tensile Elongation 15%
Young’s Modulus 4800 MPa
Aspect ratio (Length/width) 25
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3.3.3 Maximum and Minimum Dry Densities

There is a strong correlation between the mechanical properties of coarse grained 

materials and the density. The range in densities for a specific material varies 

considerably depending on the size distribution and shape of the particles. Therefore, 

relative density is used as a more accurate parameter of a granular soil rather than the 

absolute density. A given density is scaled between its loosest and densest states, 

expressed as:

D r  = P™*P  ~ ^ m in) x100 (Eqn. 3-1)
Pd  ( Pmax Pmin )

where:

D r = relative density (%) 

p d = dry mass density (g/cm3) 

p min = minimum mass density (g/cm3) 

p max = maximum mass density (g/cm3)

Relative density can also be presented in terms of void ratio. The minimum mass 

density corresponds to the maximum void ratio. Likewise, the maximum mass density 

corresponds to the minimum void ratio. It is easier to work in terms of void ratios 

because it removes the representation of particle density, making it easier to make 

comparisons between materials at different states.

Both oven-dried and wet soil methods were performed in determining the 

maximum index density for each sample of soils tested. Wet soil method yielded slightly 

higher maximum density values in comparison to oven-dry soil method, therefore the 

higher values were used (Tables 3-3 and 3-4) as per ASTM standards.
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Methods A (using funnel pouring device or hand scoop to place material in the 

mold) and B (depositing material into a mold by extracting a soil filled tube) as given in 

ASTM D4254, were used in determining the minimum index density for soil specimens. 

Although more consistent results were obtained with method A, method B values were 

used in the results shown in Tables 3-3 and 3-4, since they usually yielded slightly lower 

densities.

3.4 Sample Preparation

There are several different methods available for preparing laboratory-constituted 

samples. Among them widely used techniques of preparing reconstituted sand specimens 

for the triaxial laboratory experiments are: (1) Dry pluviation (2) Water sedimentation 

and (3) Moist undercompaction. There are three main requirements for any sample 

preparation technique:

i. Obtaining samples with uniform distribution of voids (homogenous)

ii. Allowing reconstitution of samples at a range of densities including maximum 

and minimum possible densities.

iii. Yielding repeatable (reproducable) soil structure

In the following section these three methods as well as the method used for 

preparing specimens with geofiber mixtures are discussed.

3.4.1 Dry Pluviation

A cone shaped slender funnel having a nozzle of about 12mm is filled with oven 

dried sand. Then, the soil is spread into the forming mold with zero height of fall at a 

constant speed (Ishihara, 1996). After the mold is filled with dry sand, desired
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densification by tamping on the side of the mold can be obtained to achieve the target 

density. Illustration of the method is given in Fig. 3-10 (a).

Samples generated with this method are generally denser compared to the other 

two methods. Even if it is prepared with no densification by tamping the sample could be 

slightly contractive in its behavior during the testing stage. For this reason this method is 

not recommended for studies focusing on contractive characteristics of soil (Ishihara, 

1996).

3.4.2 Water Sedimentation

Dry sand is poured into the mold that is filled to about 1/3 with de-aired water. 

The soil may also be deposited from a sealed flask (Finn et al., 1971) or by spooning. The 

procedure is repeated for four layers forming the specimen at 1-3mm height of fall at a 

constant speed. The surface of the water layer should be kept coincident with that of the 

sand sediment (Ishihara, 1996). Fig. 3-10 (b) illustrates the procedure. Some researchers 

prefer mixing the dry sand and the water in the mold. In this method dry sand is poured 

from a nozzle from just above the water surface and left to settle through a height of 2-3 

cm under water. In both methods sand is deposited continuously under water preventing 

any substantial segregation of the material.

It was reported by some researchers (Mulilis et al., 1977; Tatsuoka et al., 1986; 

Ishihara, 1996) that samples prepared by this method tends to posses a lower void ratio 

and it may be difficult to produce samples with contractive characteristics.
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Dry deposition W ater sedimentation

(b)

Figure 3-10: Sample preparation methods (a) dry deposition (b) water sedimentation 

(Ishihara, 1996).

3.4.3 Moist Tamping (Undercompaction)

The moist undercompaction method introduced by Ladd (1978) was the revised 

method for moist tamping. The desired density in moist tamping was accomplished by 

the energy applied on the specimen, whereas Ladd proposed controlling the overall 

volume by forming layers subjected to varying compaction with height that would 

produce the desired density. The targeted density in undercompaction is accomplished by 

compacting initial layers to a looser density than the final desired value in order to 

account for the increase in density of the lower layers while the upper layers are placed. 

The procedure leads to more consistent and repeatable results. It is especially useful in 

minimizing particle segregation; preparing samples of most types of sands in a wide 

range of relative densities; and determining the optimum cyclic strength of sands at a 

given dry density.
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Mulilis et al. (1977) studied reconstituted samples of Monterey #0 sand using 

different sample preparation techniques. A summary of the results reported by Mulilis et 

al. is given in Fig. 3-11. They concluded that the cyclic strength of the soil was dependent 

not only on the void ratio and initial confining stress, but also on the soil fabric. 

Moreover, they found that dry and wet pluviation methods consistently produced the 

weakest samples. Comparison of the results with the undisturbed strength of sand 

samples showed that moist tamping technique, which is similar to undercompaction, 

produced samples which were closest in strength to the in situ condition.

3.4.4 Sample Preparation for Clean Sand Specimens

In this study, the moist undercompaction method was adopted for reconstituting 

both the clean Ottawa sand and geofiber reinforced sand specimens. Calculation and 

assumptions are provided in Appendix A. 2642.2g of clean dry soil required to form a 

4”diameter by 8.1” tall specimen was mixed with distilled, de-aired water to obtain 

saturation of about 50%. The mixture was prepared in two separate air tight containers in 

order to uniformly distribute the moisture and prevent any loss of water due to 

evaporation. A rubber membrane was stretched tight to the inner wall of a split type mold 

with vacuum, which was then seated on the base pedestal of the triaxial apparatus, as 

shown in Fig. 3-12. Moist soil was weighed and placed inside of the mold with the help 

of a spoon. A manual tamper (shown in Fig. 3-12) was used to achieve the desired layer 

height while extra care was given to distribute the soil uniformly in the layer. After 

compaction, the tamper was removed and the top surface of the layer was slightly 

roughened in order to obtain a good contact between layers. Total of 10 layers were 

compacted following the same procedure. Final layer was compacted to a slightly higher 

height to allow some sitting for the top cap. A light twist was applied while seating the 

top cap in order to maintain full contact between the cap and the specimen. After 

connecting the drainage lines of the top cap (and closing the bottom platen valve), about 

20kPa vacuum was applied and the mold



CY
CL

IC
 

ST
RE

SS
 

RA
TI

O,
 ± 

aA
J2

a\

58

NU MBER OF CYCLES TO CAUSE PEAK CYCLIC PORE PRESSURE 
RATIO OF 100%  and + 2 . 5 %  AXIAL STRAIN,  n

Curve No. Method o f Compaction
1 High frequency vibrations on moist samples
2 Moist tamping
3 Moist rodding
4 Low  frequency vibrations on dry samples
5 High frequency vibrations on dry samples
6 Pluviated-water
7 P luviated-air
8 Dry rodding

Figure 3-11: Cyclic resistance of Monterey #0/30 sand specimens prepared with different 

sample preparation techniques (Mulilis et al., 1977).
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Figure 3-12: The mold and the manual tamper used in specimen preparation.
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was dismantled. The vacuum was applied through a burette with water. This allowed 

checking for any air leakage into the specimen. O-rings at the top and bottom of the 

specimen were tightened further around the membrane with the help of hose clamps. The 

dimensions of the specimen were measured and recorded.

3.4.5 Sample Preparation for Geofiber Mixed Specimens

For geofiber mixed specimens, fibers were weighed for the desired fiber content 

and mixed with dry sand. Fiber content, f ,  is defined as the ratio of weight of fiber to 

weight of dry sand, expressed in percentage. The mixture was prepared in two different 

sealed containers. Various researchers (Ranjan et al., 1996; Consoli et al., 2002; 

Yetimoglu and Salbas, 2006) have adopted hand mixing method for mixing fibers 

uniformly with soil. However, mechanical mixing methods have also been proposed and 

used, particularly in field applications (Fowmes et al., 2006). In this study hand mixing 

technique, as suggested by Yetimoglu and Salbas (2006), was adopted. Through this 

technique, relatively uniform distribution of geofibers within the dry sand was observed. 

After mixing thoroughly, distilled and de-aired water was added to the mixture (that 

yielded about 50% saturation). With this mixing technique, local accumulation of fibers 

within the sand can be minimized. The undercompaction method, as explained previously 

for clean sand specimens, was followed afterwards. It should be noted that extra care and 

effort are required when working with higher fiber content (f=0.5% and 1%) specimens 

as it gets more difficult to work with the soil as the fiber content increases (i.e. 

controlling the desired height of the layers becomes more difficult).

3.5 Testing Stages

Each test was performed following the same testing procedure. Test stages 

include saturation, consolidation, loading, and post-testing recordings. In the following 

sections these steps are presented in detail.
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3.5.1 Saturation

After the sample was reconstituted, as explained in Sections 3.4.4 and 3.4.5, the 

chamber was placed and tightened. Then, the cell was filled with tap water through the 

bottom cell line. It is important to leave the top cell line open while the water is being 

filled into the cell, otherwise the air pressure accumulating inside the cell can easily 

overconsolidate the sample. Leaving an air gap of about 1 inch on the top of the cell 

provided better application of cell pressure and avoided the risk of flooding the cell 

pressure transducer with water (i.e., cell pressure transducer is maintained dry). Vacuum 

inside the sample was released while cell pressure was increased at the same rate to 

maintain a constant net effective pressure on the specimen. Next, carbon dioxide (CO2) 

was percolated through the sample to expedite the saturation. The CO2 displaces the air; 

and being much more soluble in water than air, it enables subsequent saturation steps to 

be carried out successfully (ASTM D5311).

De-aired water was flushed through the bottom back pressure line of the specimen 

in order to avoid any air entrapment between the sand particles. Miniature LVDTs were 

assembled and zeroed so that sample deformations during the saturation could be 

monitored. Saturation was achieved by application of back pressure (pressure applied on 

the pore water in the specimen) while keeping the same initial net effective stress on the 

specimen. During each increment of the cell pressure, axial load was also increased by an 

amount that would induce equal amount of pressure on the “missing area”. Since the tip 

of the rod attaches to the top cap, the cell pressure does not get applied to the area of 

contact. Increasing the axial load balances this missing amount of pressure on the 

specimen. Full saturation was assumed to have been achieved for B-values (=Au/Aoc=1- 

(A a’/Aac)) of 0.96 or higher. Dense specimens and specimens with geofiber reinforcement 

required long hours of back pressure application (in some cases 48 hours) to attain acceptable 

B-values. Once full saturation was reached, the consolidation stage was initiated.
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3.5.2 Consolidation

Following backpressure saturation, the cell pressure transducer was converted 

from manual-control to servo-control mode. To do this, valves C, B, and E were shut off 

(see Fig. 3.5). The top cell pressure valve was closed as well to reduce the compliance 

between the pressures (i.e., to maintain the same applied cell pressure in the chamber). 

After the cell pressure was converted to servo-control mode and was increased to 

previous pressure level, the valves were re-opened. The reason for closing valves B and E 

was to monitor the pressure change during this conversion period. In case of any leakage 

from the chamber, the pressure in the specimen also drops immediately. Performing this 

check also guarantees that the chamber is completely sealed. The sample was 

consolidated to the desired nominal effective stress using consolidation module in the 

CATS software. Again, during consolidation, the axial load that counterbalances the 

missing pressure under the tip of the axial loading rod was additionally increased. The 

sample was allowed to consolidate until no further volume change occurred, which took 

about 10 minutes. This was considered to be adequate due to the relatively high 

permeability of the sand. After the consolidation, the cell pressure was converted back to 

manual-control mode by the same procedure. Volume change and axial deformation after 

the consolidation were measured and recorded.

3.5.3 Cyclic Loading

The sample dimensions at the end of consolidation were used to determine the 

necessary axial deformation to induce a predetermined cyclic strain, ycyc. Valves B and E 

were closed to provide the undrained conditions. The threaded connecting nut between 

the loading rods was slowly attached and the miniature LVDTs were zeroed. A universal 

command was used to load the sample sinusoidally at a frequency of 0.2 Hz. The test was 

set to terminate after a specified number of loading cycles (i.e. N=50) or a specified ru 

value (i.e. r u=1.0).
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3.5.4 Post Testing Recordings

After the cyclic loading was completed the axial load that was applied prior to the 

cyclic loading was reapplied in order to simulate the same pre-loading conditions. Initial 

readings were measured and recorded for cell pressure, back pressure, water levels in top 

and bottom burettes, and the miniature LVDTs. Next, valves B and E were opened to 

allow drainage into the burettes. Post loading reconsolidation measurements were 

calculated based on change in volume during this stage. Due to the high permeability of 

the sand, almost no change in neither the water levels of burettes nor miniature readings 

was observed after about 15 minutes. Final readings of the same sensors were measured 

and recorded. Calculations and assumptions made during the specimen preparation and 

testing stages are given in Appendix A.

3.6 Summary

In this chapter, the methodology and the testing program for the research were 

discussed. First, typical cyclic triaxial testing equipment together with the equipment 

employed in this study was presented. Next, materials used and the engineering index 

properties of Ottawa sand and mixtures of Ottawa sand with polypropylene geofibers 

were presented. It was found that inclusion of geofibers had significant effect on the 

index properties. The results are provided in Tables 3-3 and 3-4. Techniques of sample 

preparation were reviewed. Although dry and wet pluviation methods are used quite 

commonly in geotechnical laboratory experiments, the wet undercompaction technique, 

proposed by Ladd (1978), has been adopted in this study due to its better performance 

with the type of the soil used in this study. Details of the preparation methods on clean 

sands and the geofiber mixtures were given in Sections 3.4.3 and 3.4.4. Finally, stages of 

testing were discussed.
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Chapter 4 

Test Results and Findings

4.1 Introduction

This chapter presents the analysis of the test results. First, results of the series of 

tests performed on clean Ottawa sand are discussed. Effects of consolidation stress, 

number of loading cycles, and relative density on excess pore pressure generation and 

liquefaction potential of the sand are considered. Second, post-loading settlement 

behavior of clean Ottawa sand is discussed. A series of strain-controlled, undrained cyclic 

triaxial tests were run until initial liquefaction was reached. Comparison of the results of 

these tests with those terminated after a certain number of cycles allowed investigating 

the influence of loading cycles after initiation of liquefaction on reconsolidation 

settlement. Finally, the test results from specimens mixed with geofibers at different fiber 

contents are discussed. The influence of geofibers on pore pressure generation and 

reconsolidation settlement is presented.

4.2 Strain Controlled Tests with Clean Sands

Pore pressure generation and reconsolidation characteristics of clean Ottawa Sand 

(C109) through strain-controlled, undrained, cyclic triaxial tests under different testing 

conditions were evaluated. The engineering index properties and gradation curve of the 

sand were presented earlier in Chapter 3.

Specimens of 4” diameter by 8.1” height were reconstituted in the laboratory 

using the undercompaction (Ladd, 1978) technique. Carbon dioxide was circulated 

through the specimens to enable easier saturation. Saturation was achieved by 

incrementally increasing the back pressure to about 120kPa until a minimum B-value of
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0.96 was obtained. Prior to loading, specimens were consolidated to the desired net 

effective stress by increasing the cell pressure and allowing for drainage. Specimens were 

then subjected to cyclic shear strains under undrained conditions. At the end of testing, 

the generated excess pore pressures were allowed to drain into the graduated burettes 

(volume change measuring device) and the post loading settlement was measured. The 

detailed testing procedure is presented in Chapter 3, Section 3.5.

Result of a typical strain-controlled, undrained, cyclic triaxial test result is 

illustrated in Fig. 4-1. A clean sand specimen is subjected to 0.3% shear strain for 50 

loading cycles. The shear stress (tc ~75kPa) in the first cycle drops with cyclic loading in 

response to increased excess pore pressure and decreased stiffness. The sample exhibits 

only about 20% of the initial shear strength (stress) after the 9th cycle during which the 

excess pore pressure is 0.86. After 10 cycles, the excess pore pressure is almost equal to 

the confining pressure and the remaining shear stress decreases to negligible values. 

Beyond this point the sample is considered to have fully liquefied. It should be pointed 

out that the increase in excess pore pressure is the key parameter in determining the shear 

strength of the specimen at any given cycle. Fig. 4-1 (d) shows shear stress versus shear 

strain response of the specimen. The figure clearly illustrates degradation of stiffness. 

The specimen shows higher stiffness (about twice as high) in compression (positive shear 

stress and strain) than in tension in the initial cycles of loading. As the number of loading 

cycles increase, the stress-strain response flattens out showing almost no resistance to the 

applied stresses. It should again be noted that this type behavior of stress reduction is 

primarily due to the increase in the excess pore pressures.

Tests performed with clean sands were categorized in three different groups. The 

list of test series are summarized in Tables 4-1 to 4-3. The first set includes tests 

performed on specimens subjected to cyclic loading under consolidation stresses of 

100kPa, 300kPa and 400kPa (Table 4-1). The variable parameter in the second group 

(Table 4-2) tests is the number of loading cycles. In this series, specimens with identical
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properties (relative density, saturation, reconstitution technique) were tested under the 

same testing conditions except the number of loading cycles, ranging from 10 to 100 

loading cycles. The third series (Table 4-3) were performed to investigate the influence of 

relative density on pore pressure generation and reconsolidation characteristics of clean 

sand specimens. Specimens were prepared with targeted relative density of 35% and the 

results were compared to the tests from the previous sets. Applied shearing strain values 

in all series of tests varied from 0.001% up to 0.5%.



Figure 4-1: Results of a strain controlled test (y=0.3%, freq.=0.2 Hz, o-’c=100 kPa, D r=51.9 %). (a) shear strain versus number 

of load cycles; (b) pore water pressure ratio versus number of load cycles; (c) shear stress versus number of load 

cycles; and (d) shear stress versus shear strain

67
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Table 4-1: List of tests performed under different confining pressures.

Test No.
Post Cons 

Dr(%) Y (%) B o'c (kPa)
Post Test 

AV (%)
1 51.4 0.001 0.97 1 00 0
2 51.4 0.003 0.97 1 00 0
3 51.4 0.005 0.97 1 00 0
4 51.4 0.007 0.97 1 00 0
5 51.4 0.010 0.97 1 00 0
6 51.4 0.030 0.97 1 00 0.0287
7 52.7 0.060 0.96 1 00 0.1598
8 52.3 0.100 0.99 1 00 0.3454
9 51.1 0.200 0.96 1 00 0.6982

10 51.8 0.300 0.97 1 00 0.9633
11 53.8 0.500 0.96 1 00 1.2052
12 55.9 0.001 0.96 300 0
13 55.9 0.005 0.96 300 0
14 55.9 0.007 0.96 300 0
15 56.6 0.010 0.96 300 0.0307
16 56.0 0.020 0.97 300 0.0230
17 53.8 0.030 0.98 300 0.0305
18 56.2 0.050 0.98 300 0.1554
19 57.6 0.060 0.96 300 0.1844
20 55.0 0.100 0.98 300 0.4586
21 55.3 0.200 0.96 300 0.7941
22 52.3 0.300 0.96 300 1.0801
23 54.4 0.500 0.96 300 1 .5298
24 55.3 0.010 0.97 400 0
25 56.4 0.030 0.96 400 0.0460
26 55.2 0.060 0.98 400 0.0918
27 55.0 0.100 0.98 400 0.2752
28 58.6 0.200 0.96 400 0.6485
29 54.3 0.300 0.96 400 1.0383
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Table 4-2: List of tests performed with varying number of loading cycles.

Test No.
Post Cons 

Dr (%) Y (%) B o'c (kPa)
Post Test 

AV (%) Note
1 51.2 0.10 0.96 100 0.4099 ru=1
2 51.2 0.20 0.96 100 0.3947 ru=1
3 53.7 0.30 0.96 100 0.4271 ru=1
4 54.3 0.50 0.96 100 0.4733 ru=1
5 51.2 0.02 0.98 100 0.0152 N=10
6 53.4 0.06 0.97 100 0.0915 N=10
7 54.9 0.10 0.96 100 0.1528 N=10
8 51.2 0.30 0.97 100 0.4099 N=10
9 52.3 0.50 0.98 100 0.6541 N=10

10 51.4 0.01 0.97 100 0 N=50
11 51.4 0.03 0.97 100 0.0287 N=50
12 52.7 0.06 0.96 100 0.1598 N=50
13 52.3 0.10 0.99 100 0.3454 N=50
14 51.1 0.20 0.96 100 0.6982 N=50
15 51.8 0.30 0.97 100 0.9633 N=50
16 53.8 0.50 0.96 100 1.2052 N=50
17 51.8 0.10 0.96 100 0.5775 N=100
18 53.0 0.20 0.96 100 0.8683 N=100
19 51.1 0.30 0.96 100 1.1231 N=100
20 54.7 0.50 0.96 100 1.5278 N=100

Table 4-3: Tests performed with lower relative densities.

Test No.
Post Cons 

Dr (%) Y (%) B o'c (kPa)
Post Test 

AV (%) Note
1 39.0 0.10 0.96 100 0.4618 ru=1
2 33.6 0.20 0.97 100 0.5030 ru=1
3 35.8 0.30 0.97 100 0.5204 ru=1
4 34.7 0.50 0.96 100 0.5652 ru=1
5 35.1 0.02 0.98 100 0.0459 N=10
6 35.0 0.10 0.97 100 0.2140 N=10
7 34.6 0.30 0.99 100 0.6566 N=10
8 34.3 0.50 0.96 100 1.0684 N=10
9 33.5 0.02 0.96 100 0.0610 N=50

10 33.6 0.20 0.96 100 1.0000 N=50
11 35.5 0.10 0.96 100 0.7954 N=50
12 35.4 0.30 0.97 100 1 .2693 N=50
13 35.6 0.50 0.96 100 2.1573 N=50
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4.2.1 Tests with Different Consolidation Stresses

Three different levels of consolidation stresses (100kPa, 300kPa and 400kPa) 

were investigated, as presented in Table 4-1. In the field, these consolidation stresses 

correspond to soil specimens found at different depths. Various factors, such as 

heterogeneous soil layers and/or varying densities and existence of a surcharge due to an 

above ground fill/structure, need to be considered in order to precisely estimate the 

corresponding depths. However, a preliminary estimate for a level ground with no 

surcharge can be made using basic soil properties presented in Table 3-3. Corresponding 

depths to 100kPa, 300kPa and 400kPa consolidation stresses are calculated as 12.36m, 

37m and 50m, respectively. Details of the calculations are given in Appendix A.

Fig. 4-2 illustrates the excess pore pressure buildup in terms of pore pressure ratio 

versus cyclic shear strain for specimens tested under 100kPa effective confining pressure. 

These results are compared with those presented by Dobry (1985) for various sands, 

specimen preparation techniques, relative densities and initial effective confining 

stresses. There is a reasonable agreement between the results from this study and the 

upper bound of Dobry (1985). It should be noted that Ottawa sand was not included 

among the sands investigated by Dobry. The results in Fig. 4-2 shows that no significant 

excess pore pressure develops when the induced shear strains are less than about 0.01%, 

suggesting a threshold shear strain for Ottawa sand to be 0.01%, which agrees with 

Dobry’s results for clean sands.

Similar trends of excess pore pressure generation at #= 10  were obtained from the 

tests performed at 300kPa and 400kPa effective consolidation stresses, as shown in Fig. 

4-3. The results in Fig. 4-3 indicate that excess pore pressure ratios decrease with the 

increase in the effective confining pressures. The influence of the consolidation stress on 

pore pressure ratios is not very significant at lower (yc<0.03%) and higher (yc>0.3%) 

levels of shear strains. However, in the middle range shear strains, more than 200% red-
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Figure 4-2: Measured pore pressure ratio after 10 cycles of loading for clean 

Ottawa sand.

Figure 4-3: Excess pore pressure ratio versus shear strain under different consolidation 

stresses (N=10).
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uction in excess pore pressure can be observed for specimens with higher confining 

effective pressures. For example, at 0.3% shear strain the respective pore pressure ratios 

for specimens under 100kPa and 400kPa are 0.98 and 0.84 (about 14% difference), 

whereas at 0.06% shear strain, pore pressure ratios are 0.40 and 0.16, respectively. 

Apparently, in the lower shear strain range, distortions in the soil particles (hence the 

pore pressure buildup) are less sensitive to the consolidation stress; in contrast, at higher 

shear strains the influence of high effective confining stress is not sufficient to keep the 

particles less distorted. The influence of confining pressure is more pronounced in the 

middle range shear strains. It is also important to note that specimens consolidated to 

300kPa and 400kPa did not produce any excess pore pressure for shear strains below 

0.01%, suggesting that threshold shear strain is not influenced by the effective confining 

pressure between 100kPa and 400kPa.

Similar effect of consolidation stress on developed excess pore pressure was 

reported by Dobry et al. (1982) as seen in Fig. 4-4. Monterey No.0 sand was tested under 

consolidation pressures varying from 533psf to 4000psf (approximately 25kPa to 

200kPa) and shear strains from 0.003% to 0.03%. It can be seen in the figure that higher 

effective confining stress caused significant reduction in pore pressures at 0.03% shear 

strain. However, no conclusions can be drawn from the figure about higher levels of 

shear strain due to limited data.
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Figure 4-4: Effect of consolidation stresses on residual pore pressure buildup after 

10 cycles of loading for clean Monterey No.0 sand (Dobry et al., 1982).

To better evaluate the influence of effective consolidation stress, developed 

excess pore pressures were plotted against number of loading cycles for strain levels of 

yc=0.03%, yc=0.06%, yc=0.1% and yc=0.3%, as shown in Fig. 4-5. It can be clearly seen 

from the figures that higher consolidation stresses cause less excess pore pressure 

generation. Considering the low level of excess pore pressures (ru<0.25) at smaller strains 

(Fig. 4.5 a), the influence of consolidation stress is relatively insignificant, especially in 

the initial cycles of loading. However, it becomes more and more pronounced in the later 

cycles. In the mid-range shear strains, higher consolidation stresses reduce the developed 

pore pressures significantly. It can particularly be observed in specimens which do not 

liquefy at the end of cyclic loading (Fig. 4-5 (b) and (c)). For instance, the developed 

pore pressure for the specimen under 100kPa consolidation stress is more than 200% 

higher compared to the specimen that was consolidated to 400kPa. For specimens 

subjected to larger shear strains (that eventually liquefied) (Fig. 4-5 (d))
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Figure 4-5: Excess pore pressure ratio versus number of loading cycles for shear strains (a) Yc =0.03%, (b) Yc =0.06%, (c) 

Yc =0.1% and (d) Yc =0.3%.
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the influence of consolidation stress is somewhat shadowed due to the high level of 

excess pore pressures. However, pore pressure reducing effect of consolidation stress can 

still be observed in the form of delayed liquefaction for specimens consolidated to higher 

effective confining pressure. It took more than 20 cycles for the specimen confined by 

400kPa to reach liquefaction, whereas the specimen under 300kPa stress liquefied in 

about 10 cycles; and even less than 10 cycles was adequate for the specimen under 

100kPa effective consolidation to reach liquefaction.

Hazirbaba (2005) introduced the rate of excess pore pressure per logarithmic 

cycle as a parameter characterizing pore pressure generation. The graphical illustration of 

the concept is given in Fig. 4-6. Rates of pore pressure generation were calculated and 

evaluated in terms of effective confining pressures, as presented in Figs. 4-7 and 4-8. 

Pore pressure generation rate is defined as the ratio of the difference in excess pore 

pressure ratios, Aru, to the difference in number of loading cycles in logarithmic scale, 

log(Nl/N -1).

The rate curves illustrate how rapidly the excess pore pressures develop in the 

samples. In Figs. 4-7 and 4-8, pore pressure rates of specimens subjected to lower 

(0.06%) and higher (0.3%) shear strains are compared for different consolidation stresses. 

The data show that the pore pressure rate is mainly influenced by the (l) level of shear 

strain, (ii) number of loading cycles, and (lll) consolidation stress. The curves show 

different trends for non-liquefaction (Fig. 4-7) and liquefaction (Fig. 4-8) cases. Based on 

these data it can be concluded that: (a) for non-liquefied samples, in which excess pore 

pressures progressively increase, higher consolidation stresses produce lower rates; (b) 

for liquefied samples, rate of pore pressure development is higher for higher 

consolidation stresses in the initial cycles but reduced to zero as the specimens liquefy.
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Figure 4-6: Conceptual representation of excess pore water pressure generation per 

logarithmic cycle (by Hazirbaba, 2005).

Figure 4-7: Pore pressure rate versus number of loading cycles for y c=0.06%.
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4.2.2 Tests with Different Number of Loading Cycles

The development of excess pore water pressure with respect to the applied shear 

strain comprises a set of curves when considered for different loading cycles. These 

curves illustrate generation of pore pressures by each loading cycle and called pore 

pressure generation curves. They show that the excess pore water pressure is a function 

of the applied shear strain, yc, and number of loading cycles, N. The generated pore 

pressure increases with increasing induced shear strain and number of loading cycles. 

Pore pressure generation curves from tests performed in the first series (tests with 

different consolidation stresses) are shown in Figs. 4-9 to 4-10. It can be seen that excess 

pore pressures gradually increase with increasing number of loading cycles.

The difference between the pore pressure ratios at first and last cycles shows the 

influence of loading cycles on excess pore pressure development and indicates potential 

of pore pressure that could develop at a given shear strain. The larger the difference, the
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greater the effect of number of loading cycles and the potential for the excess pore 

pressure development.

At lower shear strains (yc<0.03%) the difference in pore pressure between cycles 

is smaller. As the shear strain level increases the pore pressures generated after the first 

cycle also increases significantly. For the specimen consolidated to 100kPa effective 

stress (Fig. 4-9), the largest difference is observed at shear strain of 0.1% indicating a 

significant influence of number of loading cycles on excess pore pressure development. 

However, once liquefaction is reached, the curve flattens out and the difference in pore 

pressure development decreases. Therefore, specimens consolidated to 100kPa effective 

stress are mostly influenced by number of loading cycles in the middle range shear 

strains. For specimens with higher consolidation stresses of 300kPa and 400kPa, the 

influence region is shifted towards higher shear strains as shown in Figs. 4-10 and 4-11 

implying that the number of loading cycles is more influential on the development of 

excess pore pressure at higher levels of shear strains.

0.001 0.01 0.1 1
Shear Strain, y (%)

Figure 4-9: Excess pore water pressure generation as a function of cyclic shear strain and 

loading cycles for clean Ottawa sand under oc’=100kPa.



79

Figure 4-10: Excess pore water pressure generation as a function of cyclic shear strain 

and loading cycles for clean Ottawa sand under oc’=300kPa.

Figure 4-11: Excess pore water pressure generation as a function of cyclic shear strain 

and loading cycles for clean Ottawa sand under oc’=400kPa.
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4.2.3 Tests with Different Relative Densities

Tests series given in Table 4-3 were performed on loosely formed specimens at 

target relative density of 35% under 100kPa effective consolidation stress. Specimens 

were subjected to cyclic shear strains varying from 0.02% to 0.5%, and were terminated 

after either initial liquefaction (ru=1.0), 10 cycles of loading, or 50 cycles of loading.

Pore pressure generation curve for the specimen terminated after 50 loading 

cycles is shown in Fig. 4-12. Similar to medium dense specimens, excess pore pressures 

increase as the number of loading cycles increases. As discussed in previous section, the 

difference in pore pressure ratios between first and last cycles implies the highest rate and 

potential for the pore pressure development. From Fig. 4-12 it can be concluded that a 

specimen with relative density of about 35% will have the highest rate and potential for 

pore pressure development when subjected to 0.1% shear strain.

Fig. 4-12 shows that higher pore pressures develop for specimens with lower 

relative densities. For instance, at 0.2% shear strain, the specimen experienced initial 

liquefaction after the 5th cycle (ru>0.95), whereas at the same shear strain level specimen 

with 50% relative density produced pore pressure ratio of only 0.78 (Fig. 4-9); and 

reached liquefaction after about 17th cycle. This result suggests that the liquefaction 

potential for looser sand deposits may be as high as three times when compared to 

medium dense deposits.

Fig. 4-13 illustrates the comparison of pore pressure generation curves after 10 

loading cycles for specimens of loose and medium densities. The data indicate that 

specimens prepared at relative densities of 35% generate higher excess pore pressure 

compared to medium dense specimens subjected to the same shear strains. In general, the 

difference is about 10% over a broad range of shear strains. Similar result was reported 

by Hazirbaba (2005). Based on test results performed on Monterey #0/30 sand through
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cyclic simple shear testing, he concluded that the difference in excess pore pressures 

between loose (Dr=32%) and denser (Dr=50% and 93%) specimens were noticeably 

large.

o q----------- ,— ,— ................ .............t— ,— ................. ............ ,— ,— ...............
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Figure 4-12: Excess pore water pressure generation as a function of cyclic shear strain 

and loading cycles for a loose density clean Ottawa sand specimen.

Figure 4-13: Comparison of pore water pressure generation curves of loose and medium 

dense specimens after 10th loading cycle.
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4.3 Settlement of Saturated Sands Following Cyclic Loading

After each specimen had been subjected to cyclic loading, the generated excess 

pore pressure was allowed to dissipate by allowing drainage into the graduated 

backpressure burettes. The amount of water drained out of the specimen was considered 

to represent the post-loading volume change of the specimen. The details of the 

procedure and evaluation of post loading settlement were discussed in Chapter 3 Section 

3.4.5.

The post testing volume changes, also called reconsolidation volumetric strains, 

for the tests listed in Tables 4-1 to 4-3 were recorded and calculated for each test. The 

volumetric strain is calculated as the ratio between post loading volume change and the 

post consolidation (pre-loading) volume of the specimen, ev = AVpt/VpC. In the following 

sections, correlations of volumetric strains to number of loading cycles, initial 

liquefaction, and confining pressure are presented and discussed.

4.3.1 Influence of Number of Loading Cycles

Tests that were performed with different number of loading cycles (Table 4-2) 

were evaluated in terms of post-loading settlement characteristics. Fig. 4-14 illustrates the 

post testing volumetric strains versus cyclic shear strain. It can be seen from the figure 

that the volumetric strain of the samples subjected to higher number of loading cycles 

consistently resulted in larger volumetric strains. Shear strains of 0.01% and lower did 

not cause any volumetric strain. Therefore, this strain level can be considered as 

volumetric strain threshold (Hsu and Vucetic, 2004) below which no settlement is 

observed. It is important to also note that below this strain level little to no excess pore 

pressure was observed confirming it as threshold level.
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Samples subjected to 0.02% and 0.03% shear strain levels (in the tests terminated 

after 10 and 50 cycles, respectively) experienced similar volumetric strains (ev~0.05%). 

At larger shear strain levels, however, a strong correlation exists between the volumetric 

strains and the number of loading cycles. Almost twice as high settlement was produced 

as a result of 50 loading cycles (ev=1.2%) compared to the test terminated after 10 

loading cycles at 0.5% shear strain (ev=0.62%). It should be noted that specimens 

subjected to shear strains of 0.1% and larger, reached liquefaction (ru=1) in all tests 

except that terminated at #=10. It was also found that loading after initial liquefaction 

resulted in larger volumetric strains, as sown in Fig. 4-14. It should be noted that findings 

from previous research efforts through stress-controlled testing showed no clear 

correlation between settlement and any parameter (including cycles of loading) beyond 

initial liquefaction (Lee and Albaisa, 1974; Tokimatsu et al., 1987) as discussed in 

Chapter 2 Section 2.4.

In Fig.4-15 the results were used to illustrate the correlation between volumetric 

strain and the generated excess pore water pressure ratio after the 10th loading cycle. 

Despite the same levels of generated pore pressure ratios, samples that were subjected to 

higher number loading cycles resulted in larger volumetric strains. It should be noted that 

the pore pressures given in this figure are not the post loading values, but the generated 

pore pressures after the 10th loading cycle of each test. It would not be possible to 

correlate volumetric strains to post-loading pore pressure values, since liquefaction 

(ru=1.0) was reached in most of the tests considered. Nevertheless, the figure shows and 

supports the fact that through strain-controlled testing a clear correlation between the 

number of loading cycles and post-liquefaction settlement exists. Volumetric strain was 

found to increase with increasing number of loading cycles for specimens that 

experienced liquefaction.
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Figure 4-14: Post testing volumetric strain versus shear strain for samples subjected to 

different loading cycles.

Figure 4-15: Post testing volumetric strain versus pore pressure ratio after 10 cycles.
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4.3.2 Volumetric Strain after Initial Liquefaction

In addition to tests performed with different number of loading cycles, four tests 

shown in Table 4-2 (Test No. 1-4) were terminated right after the initiation of 

liquefaction (i.e. ru=1). The volumetric strains of these tests were plotted against induced 

shear strains, as shown in Fig. 4-16. Unlike the results of tests terminated after certain 

number of loading cycles, these series of tests showed no dependence between 

volumetric strains and induced shear strains. All four specimens produced almost 

identical amount of reconsolidation volumetric settlement. This fact brings an important 

insight to the topic. Previous studies, which mainly investigated the soil settlement 

through stress-controlled testing, concluded that volumetric strain after the initial 

liquefaction is mainly controlled by the level of induced shear strains (Tatsuoka et al., 

1984; Tokimatsu et al., 1987; Ishihara and Yoshimine, 1992). However, the results of 

these tests showed that through strain-controlled testing, induced shear strains has 

insignificant influence on volumetric strains after initial liquefaction, as shown in Fig. 4

16. Additionally, the results of these tests allow differentiating between the liquefaction 

and non-liquefaction regions. The data that fall above the liquefaction line (shown as ru=1 

in the figure) show clear correlations after liquefaction between volumetric strain and 

parameters such as number of loading cycles and induced shear strain.

It was unclear if  the result (equal amount of volumetric strain) was related or 

limited to the medium density of the tested specimens. Therefore, the same testing 

conditions were also repeated with loose specimens reconstituted at 35% target relative 

density. Similar to previous results, volumetric strains in loose specimens also showed 

no dependence to the induced shear strain levels, as shown in Fig.4-17. As expected, 

slightly larger volumetric strains were obtained in the case of 35% relative density 

compared to medium dense specimens due to the larger voids and the higher excess pore 

water pressure generation, as discussed in 4.2.3. It is also worth to note that the amount of 

settlement after initial liquefaction observed in this study is in close proximity with the
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Figure 4-16: Volumetric strain after initial liquefaction compared to tests performed for 

10, 50 and 100 cycles.

Figure 4-17: Measured volumetric strains after initial liquefaction for loose and medium 

dense specimens.
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results of statically loaded test specimens which experienced pore pressure ratios greater 

than 0.8, reported by Lee and Albaisa (1974). They showed that specimens with relative 

densities 35% to 50% produced volumetric strains in the range of 0.4% to 0.6%, which is 

in good agreement with the results presented.

The equal amount of volumetric straining can be attributed to the micro-scale 

interaction of soil particles during a strain-controlled test. The increase in the pore 

pressure gradually decreases the normal effective stress. In strain-controlled tests, this 

corresponds to decrease in bearing capacity of the sample (shear stress degradation, as 

illustrated in Fig. 4-1(c)). On the other hand, in stress-controlled testing the shear stress 

acting on the sample is held constant since it is used as the controlling parameter. In 

strain-based approach, the soil particles remain almost in the same position with respect 

to each other during the cyclic loading. When the testing is terminated at the instant of 

initiation of liquefaction and allowed to drain, the relative displacement of the particles 

(and thus the volumetric shrinkage) does not significantly differ with the amplitude of 

shear strain. For stress controlled tests, however, the application of the same amount of 

stresses at each cycle cause the particles to displace to larger relative distances. This 

becomes more significant after the development of high excess pore pressures, particles 

are rearranged and reoriented in a bigger scale in order to resist to the same amount of 

stress being applied. Reorientation allows denser compaction of particles with large 

volumetric strain as the developed pore water pressure dissipates.

4.3.3 Influence of Consolidation Stress

To investigate the influence of the consolidation stress on the volumetric strain, 

post-testing volume change data of the tests performed under different effective confining 

pressures were used. Volumetric strains were plotted against generated pore water 

pressure at the 10th cycle, and the induced shear strain, as shown in Figs. 4-18 and 4-19, 

respectively. In Fig. 4-18 it can be seen that for the same value of generated excess pore
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pressure, the volumetric strain increased with increasing effective confining pressure. 

However, the influence is not very strong and becomes more pronounced at higher excess 

pressures. Lee and Albaisa (1974) reported similar results stating that influence of the 

effective confining pressure was only significant for pore pressures higher than 0.6.

Fig. 4-19 shows no clear correlation between volumetric strains and confining 

pressure in terms of shear strains. Although volumetric strains increased with increasing 

shear strains at all effective consolidation stresses, the data plotted in a very close 

proximity that did not allow any reasonable judgment about the influence of confining 

pressure. For instance, at shear strains 0.06%, 0.1% and 0.2% results of the specimen 

consolidated to 100kPa plot in between the data points of the specimens with 300kPa and 

400kPa confining stress. Only at shear strain 0.3%, the 100kPa specimen yields lower 

result (ev=0.96%). However, at the same shear strain the other two specimens (300kPa 

and 400kPa) show very close volumetric strains (ev=1.08 and 0.03%) that, again, limits 

any reasonable judgment. Pore pressure ratios (#=10) were provided to highlight the 

influence of confining pressure on volumetric strains in terms of generated pore 

pressures, as discussed in the previous paragraph. Despite the higher pore pressure ratios 

of specimen consolidated to 100kPa, 300kPa specimen showed higher volumetric strains.
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Pore Pressure Ratio, ru

18: Measured volumetric strains versus pore pressures at 10th cycle for tests 

performed under different confining pressures.

Figure 4-19: Measured volumetric strains versus induced shear strains for tests performed 

under different confining pressures.
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4.4 Case Study

A case study, illustrating the application of the pore pressure generation and 

volumetric strain charts presented previously, is shown in this section. A hypothetical soil 

profile shown in Fig. 4-20 is subjected to an earthquake of magnitude Mw=7.2 with peak 

ground acceleration (PGA) 0.42g. The soil profile consists of considerable amount of 

medium dense (Dr=40-600%) sand deposit, confined by impermeable clay and bedrock 

layers. The water table is 0.5m from the ground surface. The properties of the soil are 

summarized in Table 4-4. Fig.4-21 shows the ground motion characteristics of the 

earthquake.

1m
2.5m

/
Sand 8.5mA (9.75m)

"7

Clayey Sand 15m

B (29.5m)
Sand 13m

C (39.5m)

Figure 4-20: Hypothetical soil profile considered in the example.
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Table 4-4: Properties of the soil profile given in Fig. 4-20.

Layer Depth (m) Soil
Unit weight 

(kN/m3)
G'Jmax

(MPa) Vs (m/s)
1 0-1 Gravel 22 291 360
2 1-3.5 Clay 18 120 255
3 3.5-12 Sand 19.8 168 290
4 12-27 Clayey Sand 20 182 299
5 27-40 Sand 20.4 325 395
6 40-infinite Rock 25 3371 1150

Figure 4-21: Ground motion characteristics of the earthquake considered in the example.
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Corresponding depths to the effective confining pressures considered previously 

(oc’=100kPa, 300kPa and 400kPa) are points A, B and C, as shown in Fig. 4-20. The 

induced shear strains at these points were calculated using the software “Proshake”. The 

results are provided in Figs. 4-22. The induced maximum shear strain due to the 

earthquake shaking at points A, B and C are: ymax=0.047%, 0.98% and 1.48%, 

respectively. Equivalent uniform, cyclic shear strains are calculated by multiplying the 

maximum shear strains by a factor of 0.65 (65% of the maximum shear strain). 

Therefore, uniform cyclic shear strains at points A, B and C are yc=0.03%, 0.64%, and 

0.96%, respectively. Using the chart given in Fig. 2-3, number of uniform loading cycles 

corresponding to earthquake magnitude Mw=7.2 is obtained as #=10. Next, generated 

excess pore pressures are estimated as ruA=0.14, ruB=0.22, and ruC=0.38 from Figs. 4-9, 

4-10 and 4-11, respectively. Based on the estimated pore pressures, it can be concluded 

that no liquefaction is expected in the soil due to the considered earthquake.

Liquefaction potential for point A was also performed through stress-based 

approach. Using Eq. 2-1 the equivalent cyclic shear stress at depth 9.75m was calculated 

as 23.14kPa. The shear stress required for liquefaction after 10 loading cycles was 

obtained from Fig. 3-6 as 30kPa. Since the soil’s resistance is higher than the shear stress 

caused by the earthquake loading, the soil at point A is predicted not to experience 

liquefaction.

Settlement due to the dissipation of the generated pore pressures can be estimated 

using Fig. 4-18. Volumetric strains at points A, B and C are obtained approximately as 

ev=0.04%, 0.08% and 0.2%, respectively. The results are summarized in Table 4-5. 

Expected total settlement is calculated to be 2.2cm (weighted average). Details of 

calculation steps are outlined in Appendix A.3.
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Table 4-5: Results at points A, B and C due to the considered earthquake.

Max. Cyclic Residual
Shear Shear Pore Volumetric
Strain, Strain, yc Pressure Strain, sv 

Point Depth (m) ymax (%) (%) Ratio, ru (%)
A 9.75 0.047 0.03 0.14 0.04
B 29.5 0.98 0.64 0.22 0.08
C 39.5 1.48 0.96 0.38 0.2
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Figure 4-22: Induced shear strains at points A, B and C.
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4.5 Test Results for Geofiber Reinforced Specimens

The last series of tests in this research were performed on geofiber-reinforced 

sand specimens to study the influence of geofibers on excess pore pressure generation 

and post-loading settlements. A set of strain-controlled, undrained, cyclic triaxial tests 

were performed on samples prepared with fibrillated and tape type geofibers. Samples 

with fiber contents of 0.2%, 0.5% and 1%, by dry unit weight, were subjected to 0.01%, 

0.1% and 0.3% shear strains. Details of engineering index properties of the sand geofiber 

mixtures and methodology followed for sample preparation were given in Chapter 3. List 

of the tests performed is summarized in Table 4-6. The pore pressure generation and post 

testing volumetric strain results of these tests were investigated and compared to clean 

sand specimens.

Typical test result of geofiber reinforced sand specimen is shown in Fig. 4-23. 

Specimen with 0.5% tape type reinforcement was subjected to shear strain of 0.3%. 

Similar to clean sand specimens, excess pore pressures develop as the specimen is 

subjected to uniform shear strain deformations. However, the amount of generated pore 

pressures at each cycle (Fig. 4-23 (b)) is measured to be lower (by about 10%) compared 

to clean sands, as discussed in next sections. Figs. 4-23 (c) and (d) shows the shear stress 

resistance and shear stress-shear strain curves of the specimen, respectively. Detailed 

discussions are provided in the next sections.



Figure 4-23: Result of a strain controlled, tape type geofiber reinforced test f=0.5% , y=0.3%, freq.=0.2 Hz, o-’c=100 kPa,

D r=57.0 %). (a) shear strain versus number of load cycles; (b) pore water pressure ratio versus number of load 

cycles; (c) shear stress versus number of load cycles; and (d) shear stress versus shear strain.

96
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Table 4-6: List of tests performed with geofiber reinforcement.

Test No.
Post Cons 

Dr(%) Y (%) B AV (%) o'c (kPa) Note*
1 52.8 0.01 0.96 0 100 F 0.2%
2 55.2 0.10 0.96 0.3659 1 00 F 0.2%
3 52.1 0.30 0.96 0.8504 1 00 F 0.2%
4 54.9 0.01 0.96 0.0458 1 00 F 0.5%
5 58.2 0.10 0.97 0.4293 1 00 F 0.5%
6 52.6 0.30 0.96 1.0798 1 00 F 0.5%
7 61.1 0.01 0.96 0.1241 1 00 F 1.0%
8 62.4 0.10 0.96 0.7157 1 00 F 1.0%
9 61.1 0.30 0.96 1.9702 1 00 F 1.0%
10 52.6 0.01 0.96 0 1 00 T 0.2%
11 59.6 0.10 0.96 0.3364 1 00 T 0.2%
12 44.1 0.30 0.97 1.1144 1 00 T 0.2%
13 54.7 0.01 0.96 0.0152 1 00 T 0.5%
14 56.3 0.10 0.96 0.4274 1 00 T 0.5%
15 57.0 0.30 0.96 0.8249 1 00 T 0.5%
16 58.8 0.01 0.96 0.0463 1 00 T 1.0%
17 58.4 0.10 0.96 0.5551 1 00 T 1.0%
18 57.7 0.30 0.96 1.4781 100 T 1.0%

* F -  Fibrillated, T -  Tape type geofiber

4.5.1 Excess Pore Pressure Generation of Geofiber Reinforced Sands

Test results indicate that inclusion of geofibers in sand specimens tend to reduce 

the amount of developed excess pore pressures when compared to clean sand specimens. 

The main two parameters, fiber content and type of fiber, were investigated for their 

respective influences on excess pore pressures. It was found that generation of excess 

pore pressure is mostly influenced by the type of the fibers (tape or fibrillated type). The 

amount of fibers used (i.e. fiber content) for the range investigated (yc=0.2 to 1%) 

showed relatively insignificant influence on the excess pore pressure generation.

Figs. 4-24 and 4-25 show the excess pore pressure development in specimens 

reinforced with tape and fibrillated fibers which were subjected to shear strains of 0.01%,
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0.1% and 0.3%. Fiber reinforcement show slightly reduced pore pressures for both types 

of fibers compared to clean sand specimens. It is especially more noticeable at higher 

levels of shear strains (-10%  for yc=0.3% at #=10). It should be noted that the reduced 

pore pressure is almost equal for specimens with different fiber contents. This can be 

observed in specimens subjected to 0.1% and 0.3% shear strains (Figs. 4-24 a, b and 4-25 

a, b). Specimens subjected to lower shear strain (yc=0.01%) showed negligibly small 

reduced pore pressures, mainly due to the insignificant generated excess pore pressures. 

Results imply that reduction in pore pressure is not significantly influenced by the 

amount of fibers used in the specimen. The data also suggest that the amount of reduction 

is slightly higher for tape type fibers. Fig. 4-26 shows a comparison of the pore pressure 

generation curves of three samples tested under the same testing conditions. The sample 

reinforced with tape type geofiber showed the least excess pore pressures. Pore pressure 

ratio increased from 0.55 in the first cycle to 0.95 at 27th cycle and the sample achieved 

100% liquefaction (ru=1) at 40th cycle. Pore pressures for fibrillated type geofiber were 

also lower than that of the clean sand specimen, starting with an initial pore pressure ratio 

of 0.61 and reaching full liquefaction at the 29th cycle. For clean sand specimen it took 

seven cycles for the pore pressures to exceed 0.95 and 14 cycles for 100% liquefaction.

Lower reduction of pore pressures in fibrillated type geofibers may be attributed 

to the openings between fibrillated fibers allowing for more inter-granular contact 

between sand particles than tape type geofibers. Presence of tape type geofibers in the 

pore spaces limits the inter-granular contact, and reduces the amount of energy absorbed 

by the soil particles. This causes less distortion in soil particles, and therefore reduces the 

amount of generated pore pressures. Therefore, excess pore pressure in specimens 

reinforced with tape type geofibers is observed to be the lowest.
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Figure 4-24: Excess pore pressure versus number of loading cycles for specimens reinforced with tape type fibers.
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Figure 4-25: Excess pore pressure versus number of loading cycles for specimens reinforced with fibrillated type fibers.
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Figure 4-26: Comparison of pore pressure generation curves for samples prepared at 1% 

geofiber content.

Based on these results, it can be concluded that at higher shear strains (yc>0.3%) it takes 

more than twice the number of loading cycles for fiber reinforced specimens to reach 

initial liquefaction in comparison to clean sand specimens.

Fig. 4-27 shows the generated pore pressures in all specimens at 10th cycle in 

terms of induced shear strains. As can be noticed from the figure, specimens reinforced 

with tape type geofiber at 1% fiber content develop less excess pore pressures at all shear 

strain levels. For example, at 0.1% shear strain the specimen with 1% tape type geofiber 

content developed pore pressure ratio of 0.52, compared to 0.66 of clean sand specimen 

(-25%  reduction). The amount of reduction is lesser for fibrillated type geofiber 

reinforced specimens. It is also interesting to note that the threshold shear strain (ytv) is 

approximately 0.01% for all geofiber reinforced specimens, suggesting that the threshold 

shear strain is not influenced with the inclusion of fibers.
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Figure 4-27: Pore pressure ratio versus induced shear strains for geofiber reinforced 

samples.

4.5.2 Influence of Geofibers on Post Loading Volumetric Strains

Post loading volumetric strains were evaluated in terms of pore pressure ratio and 

induced shear strain, as shown in Figs. 4-28 and 4-29, respectively. The volumetric 

strains in terms of pore pressure ratios indicate that samples with higher geofiber content 

produced higher reconsolidation volumetric strain at the same pore pressure ratio. In 

general, higher excess pore pressures (0.6 and higher) resulted in noticeably larger 

volumetric strains. Although the type of fiber significantly influenced the generated 

excess pore pressure, as discussed in the previous section, post-volumetric strains in 

terms of pore pressure ratios were almost identical for both fiber types. Specimens of 

both types of geofibers with fiber contents of 1% showed almost 2% volumetric strain at 

pore pressure ratio of 0.9, which is about two times higher than clean sand specimens and 

specimens with lower fiber contents.
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Results of volumetric strains in terms of shear strains are shown in Fig. 4-29. 

Similar to Fig 4-28, the largest amount of volumetric strain was observed in samples with 

1% geofiber contents. For instance, at shear strain of 0.1%, the volumetric strain of 

specimens reinforced at 1% fiber content are 0.52% and 0.64% for tape and fibrillated 

type geofibers, respectively; whereas, clean sand specimen yielded 0.34% at the same 

level of shear strain. Larger volumetric strains were measured with increasing induced 

shear strains. At shear strain 0.3%, the respective volumetric strains of tape and fibrillated 

geofiber reinforced specimens are approximately 145% and 195% higher than that of 

clean sand specimen. Settlements of lower fiber content specimens (f=0.5% and 0.2%) 

were not significantly different from clean sand results. At shear strain of 0.01% the 

volumetric strains were negligibly small. Therefore, fiber reinforced specimens can be 

considered to have volumetric threshold strain (e^) almost equal to clean sand specimens.

Figure 4-28: Measured volumetric strains in terms of pore pressure buildup at tenth cycle 

for specimens reinforced with geofibers.
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Figure 4-29: Measured volumetric strains versus induced shear strains for specimens 

reinforced with geofibers.

4.6 Summary

In this chapter, results of tests performed through this research were analyzed. In 

Tables 4-1 to 4-3 summary of clean sand tests are listed. The first series of tests were 

performed on specimens consolidated to different effective stresses (100kPa, 300kPa and 

400kPa). The influence of effective consolidation stress on pore pressure generation was 

investigated on undrained samples through strain-controlled cyclic triaxial tests. Results 

show that excess pore pressures decreased with increasing consolidation stresses. The 

influence was observed to be especially important at mid-range levels of shear strains. 

Discussions are provided in Section 4.2.1.

Next, excess pore pressure ratios were evaluated in terms of number of loading 

cycles to investigate the influence of number of loading cycles on excess pore pressure 

generation. The results of these tests together with the results of tests performed in the 

first series were analyzed to develop correlations between pore pressure ratio and 

parameters such as number of loading cycles, amplitude of shear strains, consolidation
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effective stress, and relative density. It was found that number of loading cycles was an 

essential parameter in determining (i) pore pressure generation potential of a specimen; 

and (ii) rate of pore pressure development. Details are given in Sections 4.2.2 and 4.2.3.

Volumetric straining behavior of tests performed on clean sands was investigated 

based on the tests given in Tables 4-1 to 4-3. Volumetric strain of specimens were 

evaluated in terms of number of loading cycles, initial liquefaction and effective 

consolidation stress. It was found that the number of loading cycles significantly 

influenced volumetric strain of liquefied specimens. Unlike in stress-controlled approach, 

in which no clear correlation could be developed between any parameter and post

liquefaction settlement, through strain-controlled approach, strong correlation was shown 

to exist. Amount of settlement after liquefaction increased consistently for specimens that 

were subjected to larger number of loading cycles. It was also shown that specimens 

subjected to different shear strains and terminated after initial liquefaction produced 

equal amount of volumetric strains. Based on this fact, it was concluded that in strain- 

controlled approach, induced shear strains could not be used as a meaningful parameter to 

determine the amount of volumetric strains of specimens terminated after initial 

liquefaction. Details and discussions are provided in Section 4.3.

Lastly, the influence of geofibers on liquefaction potential and post-loading 

volumetric straining characteristics of Ottawa sand specimens was studied. The results of 

indicated that geofiber reinforced specimens produced noticeable reduction in excess 

pore pressures when compared to clean sand specimens. Type of geofibers used was 

shown to be more important parameter than the fiber content. Although geofiber 

reinforcement reduced pore pressure development, post loading volumetric strains were 

about twice as high in specimens with 1% fiber content compared to clean sand 

specimens.
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Chapter 5 

Conclusion

5.1 Summary

Results from an experimental research on liquefaction potential of saturated clean 

sands and effects of geofiber content are presented in this thesis. The objectives of the 

research were to (1) investigate the pore pressure generation and post loading settlements 

of saturated Ottawa sand through strain controlled testing; and (2) study the influence of 

geofiber content on dynamic behavior of saturated sands. The results and findings of this 

research can be grouped under two main categories: (i) excess pore pressure generation, 

and (ii) post loading reconsolidation volumetric strains. These results and findings are 

outlined in the following sections.

5.1.1 Results and Findings in Terms of Excess Pore Pressure Generation.

• Results from tests performed on specimens consolidated to different effective 

stresses show that generated excess pore pressures decrease with increasing 

consolidation stress. The influence is not significant at shear strain levels less than 

0.03% (yc<0.03%) and larger than 0.3% (yc>0.3%). However, in the mid-range 

shear strains (yc=0.03% - 0.3%), more than 200% reduction in pore pressure was 

observed for specimens consolidated to 400kPa in comparison to those 

consolidated to 100kPa. No influence on threshold shear strain level was 

observed.

• As the number of loading cycles increased, pore pressures also increased. 

Comparing the difference between first and last cycles shows the influence of 

loading cycles on excess pore pressure development and indicates potential of 

pore pressure that could develop at a given shear strain. The larger the difference,
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the greater the effect of number of loading cycles, and the potential for the pore 

pressure development.

• Results of tests performed on loose specimens (Dr=35%) indicate that higher pore 

pressure is developed with decreasing relative density. Loose specimens showed 

up to three times higher liquefaction potential compared to medium dense 

specimens (Dr=50%).

• Sand specimens reinforced with geofibers showed reduced excess pore pressures 

compared to clean sand specimens. It was found that generation of pore pressure 

is mostly influenced by the type of fibers used (i.e., pore pressures were lower for 

tape type geofibers). Amount of fibers (i.e. fiber content) showed relatively 

insignificant influence in the range of investigation (f=0.2% to 1%). It was also 

concluded that threshold level of shear strain was not influenced with the 

inclusion of fibers in the specimens.

5.1.2 Results and Findings in Terms of Post Loading Reconsolidation Volumetric Strains.

• Test specimens subjected to more loading cycles produced larger volumetric 

strains. Unlike in stress-controlled approach, in which no clear correlation could 

be developed between any parameter and post-liquefaction settlement, through 

strain-controlled approach strong correlation was shown to exist. Amount of 

settlement after liquefaction increased consistently for specimens that were 

subjected to longer loading cycles. It was also shown that specimens subjected to 

different shear strains and allowed to reconsolidate after initial liquefaction, 

produced equal amount of volumetric strains. Based on this in the strain- 

controlled approach, shear strains have insignificant influence on the volumetric 

straining of specimens reconsolidated after initial liquefaction.

• When volumetric strains are evaluated in terms of generated pore pressures, 

specimens consolidated to higher effective stresses produced larger volumetric
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strains. However, no reasonable correlation is observed if volumetric strain data 

are plotted in terms of induced shear strains.

• Slightly higher (-10%) volumetric strains were reported for looser density 

(Dr=35%) specimens compared to medium dense (Dr=50%) specimens.

• Volumetric strains for geofiber reinforced samples were evaluated in terms of 

both developed pore pressures after 10 cycles and induced shear strains. Based on 

these analyses, it was found that specimens with 1% fiber content showed almost 

two times larger settlement compared to specimens with lower fiber content 

(f=0.2% and 0.5%). Although pore pressure generation was noticeably different 

for tape and fibrillated type geofibers, settlement behavior were observed to be 

almost identical.

5.2 Practical Implications of the Results

Current practice for determining liquefaction potential, and post-liquefaction 

settlement is based mainly on stress-based approach, developed in mid 1960s. However, 

strain-based approach improves the prediction of the generation of excess pore pressures. 

Results of laboratory tests performed on reconstituted specimens in strain-based approach 

show less influence on method of specimen preparation, hence providing improved 

characterization of in-situ conditions.

In this research, strain-based approach was used to investigate pore pressure 

generation and settlement characteristics of clean sands and sands reinforced with 

geofibers. Influence of various parameters on liquefaction potential and associated 

settlements was studied. Results for broad range of shear strains, various numbers of 

loading cycles, different effective confining pressures and relative densities were made 

available to use for different earthquake magnitude and soil conditions. In the field, pore 

pressure development charts enable engineers in practice to predict the pore pressure that 

would be developed during an earthquake. Volumetric strain curves can be used to
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estimate the consequent settlement. A case study, demonstrating the use of the charts, and 

step-by-step procedure for relevant calculations were provided as guidance for easier 

application.

5.3 Recommendations for Future Research

The scope of this research program was limited to investigating pore pressure 

generation and post loading settlement behavior of saturated sands through strain- 

controlled approach. However, the study of strain-controlled liquefaction triaxial testing 

is still immature. Further investigation in the following topics through strain-controlled 

testing can contribute to the knowledge of pore pressure generation and settlement 

characteristics of soils: (i) cyclic loading and settlement behavior of unsaturated soils; (ii) 

post loading settlement of soils that do not reach liquefaction; and (iii) verification of the 

finding that shear strain has an insignificant influence in determining settlement after 

initial liquefaction.

Liquefaction is limited to saturated soils. However, soil deposits that are prone to 

cyclic loadings might not have saturated conditions due to seasonal changes in ground 

water table or other factors. Therefore, it is desirable to predict cyclic loading behavior of 

such soils through strain-controlled laboratory testing. This would allow investigating the 

threshold value for volume change in unsaturated soils as well.

It was found in this research that specimens subjected to different shear strains 

and allowed for reconsolidation after initial liquefaction produced almost equal 

volumetric strains. However, induced maximum shear strain is considered to be an 

important parameter in determining post loading settlement of saturated sands. Further 

investigation of the concept will contribute to the current state of knowledge.

Lower magnitude earthquakes or cyclic loads with few cycles may not cause the 

pore pressures to develop to liquefaction (i.e. r u<1.0). The consequences of excess pore



110

pressure dissipation in this case may be substantially different from that of liquefied soils 

or dry soils. The excess pore pressures were shown to be controlled by the applied shear 

strains, and reconsolidation volumetric strain is influenced by the amount of generated 

pore pressures. Hence, settlement behavior of soils that did not reach liquefaction can be 

better evaluated through strain-controlled triaxial testing.
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Appendix A 

Calculations

A.1 Calculations and Assumptions for Specimen Preparation and Testing Stages

In this section calculations and assumptions used during specimen preparation and 

testing stages is discussed. A clean sand specimen tested at a relative density of 50% is 

considered in the calculations.

First, preparation of specimens involves calculation of required amounts of dry 

sand and distilled de-aired water. The volume of the specimen needs to be decided in 

order to calculate the amounts of materials to be used. The diameter of the specimen is to 

be constant (4”=101.6 mm) due to the fixed pedestal diameter. However, the height of the 

specimens is not restrained and can be assumed a value. The height of the specimen was 

assumed to be 8.1” (=205.74mm) so that the aspect ratio of height to diameter remained 

greater than two. It should be noted that the actual volume of the specimen was slightly 

smaller due the thickness of the rubber membrane, which was measured to be 1.5mm for 

double layer thickness. Therefore, the volume of the specimen was calculated as 1619.11
3cm .

For a specimen with relative density of 50%, the void ratio can be calculated as:

e emax-Dr*(emax~emin) (Eqn. 1)

= 0.78-0.5*(0.78-0.48)

= 0.63

and dry density of the specimen can be obtained as follows:

p dry Gs*p w/(1+e) (Eqn. 2)
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= 2.66*1/1.63 

=1.6319 g/cm3

Assuming p w=1 g/cm3. Thus, weight of the dry soil is:

M-dry soil V'ot * p dry

=2642.22 g

Volume of the solid particles can be calculated from the following relation as:

Vsolid=M dry soil/(Gs *p w)

=993.32 cm3

Volume of the voids can be calculated as:

Vvoid=Vtot - Vsolid

= 1619.11-993.32 

=625.79 cm3

For initial moisture with a saturation of 50%

Vw =0.5*Vv

3=312.9 cm

or 312.9 g of water will be used. Water content of the mixture will be:

(Eqn. 3)

(Eqn. 4)

(Eqn. 5)

(Eqn. 6)

W=Mw/Mdry soil

=312.9/2642.22

(Eqn. 7)
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In order to calculate the weight of each layer the total weight can be calculated and 

divided into number of layers. In this study specimens were prepared with 10 layers. The 

following relation gives the wet weight of the specimen:

Mtot,wet= Pdry*(1+w)*Vtot (Eqn. 8)

= 2955.07 g

Therefore for each layer 295.5 g of moist soil is to be used.

During saturation, volume changes were monitored from miniature LVDTs and 

from the visual recordings measured using graduated burettes. The specimens were 

assumed to stay under isotropic state. Friction in the loading rod was measured and was 

assumed to be negligible. The sample dimensions were calculated based on the change in 

volume and height during consolidation. The areas of samples were calculated based on 

the assumption that the samples remained cylindrical during and after the testing.

The peak to peak axial strain was calculated for the loading cycles using the 

consolidated height of the specimen. The cyclic shear strain can be calculated by 

elasticity theory, as:

y  = sv (1 + v) (Eqn. 9)

where y is shear strain, ev is applied double amplitude axial strain, and v is Poisson’s ratio 

(=0.5 for fully saturated soils).

The cyclic pore pressure ratio is a non-dimensional measure of the residual pore 

pressure generated after each cycle. It was determined from the following relation:

=0.1184
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ru (Eqn. 10)

where ru is pore pressure ratio during a load cycle, Aures is the residual pore pressure 

generated at the end of a loading cycle, o ’c is the effective confining stress after 

consolidation, and o ’res is the residual effective stress of each cycle.

A.2 Estimating Relative Depths for Different Confining Stresses

The unit weight of fully saturated Ottawa sand at relative density 50% can be 

calculated from the following relation:

Assuming the water table to be at the ground surface and the deposit to be of one 

layer of Ottawa sand, the depth corresponding to 100kPa effective confining pressure is 

calculated as:

z ®c /( j sat Yw)

= 100kPa*( kN/m2/kPa)/(17.9-9.81)(kN/m3)

= 12.36 m

Similarly, the confinements of 300kPa and 400kPa correspond to depths of about 37 m 

and 50 m.

ySat= Pdry*g*(1+w)

= 1.6319 g/cm3*9.81 m/s2*(1+0.1184)*(10-3kg/g)*(106cm3/m3) 

= 17.9 kN/m3

(Eqn. 11)

o'= (jsat-  Yw)*z (Eqn. 12)
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A.3 Calculation Steps for Estimating Generated Pore Pressure and Corresponding 

Settlement due to an Earthquake Loading.

Step 1: The magnitude and the Peak Ground Accelearation (PGA) of the 

earthquake is obtained through ground motion recordings. The magnitude is used to 

estimate equivalent number of uniform loading cycles for using laboratory testing results 

(Fig. 2-3); while maximum ground acceleration is used to calculate induced shear strains 

(Eq.2-2).

Step 2: The shear strain developed at a depth of interest is obtained either by (i) 

using the relationship Eq. 2-2 in Chapter 2, or by (ii) computer software such as 

“Proshake” or “Quake”.

Step 3: The excess pore pressures is estimated by using one of the charts given in 

Figs. 4-9 to 4-12. The appropriate chart need to be used based on the confining pressure, 

and relative density at the depth of interest. Additional laboratory data may be needed for 

different values of the parameters. Liquefaction if predicted if the estimated pore pressure 

is greater than 0.9.

Step 4: The amount of settlement is estimated using volumetric straining curves 

provided in Figs: 4-16 to 4-18. It should be noted that the figures provide results for tests 

allowed to reconsolidate after: initial liquefaction (ru=1.0), 10, 50 and 100 loading cycles. 

Additional laboratory investigation might be necessary for earthquake magnitudes 

corresponding to conditions other than the provided results.
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Appendix B 

Recorded Test Results

In this section, tests performed in this research program are presented. History of 

shear strains used is given first. Next, (i) shear strain versus shear stress, (ii) shear stress 

versus number of loading cycles, and (iii) pore pressure ratio versus number of loading 

cycles of tests given in Tables 4-1 to 4-3 are presented.
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Strain levels used in this research
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Test No. 7 in Table 4-3, D r =34.6%, y =0.3%, o ’ c =100kPa, N =10
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Number o f cycles, N

Test No. 8 in Table 4-3, D r =34.3%, 7 =0.5%, a ’c =100kPa, N =10
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Test No. 9 in Table 4-3, D r =33.5%, y =0.02%, o ’c = 100kPa, N =50
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Test No. 10 in Table 4-3, D r =33.6%, 7 =0.2%, a ’c = 100kPa, N =50
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Test No. 11 in Table 4-3, D r =35.5%, 7 =0.1%, a ’c = 100kPa, N =50
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Number of cycles, N

Test No. 12 in Table 4-3, D r =35.4%, y =0.3%, o ’c = 100kPa, N =50
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Number o f cycles, N

Test No. 13 in Table 4-3, D r =35.6%, 7 =0.5%, a ’c = 100kPa, N =50
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