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ABSTRACT 

This report discusses research work conducted to evaluate and improve upon the seismic 

performance of hollow steel pipe pile to cap beam moment resisting connections.  Past 

research has shown that directly welding circular hollow steel piles to a steel cap beam, 

regardless of weld configuration, does not mitigate the undesirable failure mode of brittle 

cracking in critical welded regions of the connection as the pier is subjected to inelastic 

displacement levels.  This finding was further validated in this research project, suggesting 

specific attention should be given to capacity protecting critical welded regions of the 

connection. 

To do so, the concept of modified weld protected connections was developed based on 

capacity design principles.  The concept was aimed at developing connection configurations 

that would improve the seismic capacity of steel pier systems by relocating damage in the 

pile elements away from critical welded regions in addition to strengthening critical welded 

regions to remain in the elastic range of response.  Three such connection configurations 

were developed with two being shown to fulfill both key criteria.  Ultimately, design 

recommendations were generated in regards to standard welded connections, modified weld 

protected connections, and the ductility capacity of systems utilizing a composite connection 

configuration. 
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SUMMARY OF FINDINGS  

This report discusses original research work conducted to evaluate and improve upon the 

seismic performance of hollow steel pipe pile to cap beam moment resisting connections.  

These connections are intended to serve in steel pier bridge substructure systems which are 

subjected to lateral loading, due seismically induced forces and are expected to perform in 

the non ï linear response range.  Past research has shown that directly welding circular 

hollow steel piles to a steel cap beam, regardless of weld configuration, does not mitigate the 

undesirable failure mode of brittle cracking in the critical welded regions of the connection as 

the pier is subject to inelastic displacement levels.  This finding was further validated in the 

scope of the research work discussed in this document, suggesting specific attention should 

be given to capacity protecting critical welded regions of the connection. 

To achieve this goal, the concept of modified weld protected connections was developed 

based on capacity design principles.  The concept was aimed at developing connection 

configurations that would improve the seismic capacity of steel pier systems by fulfilling two 

key criteria.  First, the location of damage in the pile elements of the system needed to be 

relocated below the welded region of the connection, and secondly the welded region needed 

to be strengthened to remain in the elastic range of response considering increased moment 

demands due to hinge relocation.  It was postulated that following these two key criteria 

would allow the limit state of flexural hinging, in the form of pile wall local buckling, to 

develop prior to any cracking. 

Three potential modified weld protected connections were developed and evaluated in 

this research.  The first consisted of a cruciform gusset plate style connection, which was 

shown to relocate damage away from critical welds.  However, this connection was not 

capable of producing the desirable failure mode of pile wall local buckling, as pile wall 

cracking developed.  Next, a fabricated flared column capital section was developed and was 

shown to both effectively relocate damage and to produce the desirable pile wall local 
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buckling mode of failure.  Lastly, a composite connection configuration was developed 

which utilized an annular grouted region with shear stud connectors that facilitated force 

transfer from the pile to a larger stub pipe pile component that was welded to the cap beam. 

Large scale quasi ï static experimental testing, scaled dynamic shake table experimental 

testing, and analytical investigations all showed this composite system to be capable of 

relocating damage away from the welded regions of the connection and to produce the 

desirable failure mode of pile wall local buckling.  Further, the performance of this 

connection configuration was shown to be minimally impacted by construction tolerance 

offsets, lending confidence to a designer that adequate behavior can be expected under non ï 

ideal construction conditions.  Given the successful performance of this style of connection, 

an analytical parametric study was conducted to relate ductility capacity for a given 

allowable strength loss, pile D/t ratio, and vertical dead load magnitudes for systems 

containing these composite connections.  Ultimately, from the research results design 

recommendations were generated with regards to basic welded connections, modified weld 

protected connections, and the ductility capacity of systems utilizing the composite 

connection configuration. 

In addition to the connection research that was conducted, an alternate truss style steel 

pier system was evaluated within this project and was shown to have behavior dominated by 

compression brace buckling and gusset plate weld cracking when subjected to lateral loading.  

Due to multiple sources of inelasticity and an undefinable/unreliable brittle cracking failure 

mode, the use of this type of system is not recommended when a ductile response is required.  

However, with improved seismic detailing it may be possible to produce a desirable with the 

truss style steel pier detail. 

 



 Chapter 1. Introduction 

 

 

 

 

1 

Chapter 1: Introduction Equation Chapter 1 Section 1 

1.1 Background ï Steel Pier Bridges 

Although the bridge construction industry is historically dominated by the use of 

reinforced concrete for the construction of typical bridge piers, the use of steel as a bridge 

pier construction material has its place in history as well as the future.  The benefits of the 

use of steel for the construction of bridge piers or bents includes but is not limited to speed 

and ease of construction, as well as the utilization of what is inherently a very ductile 

material.  The state of Alaska has an inventory of existing driven pile steel piers and, in some 

cases, prefers to design new bridges with this type of system.  These bridge piers typically 

consist of hollow driven steel pipe piles, not filled with concrete, and multi-wide HP steel 

cap beams as shown in shown in Figure 1.1 through Figure 1.3.  In some cases, the system 

uses battered piles which are not considered in the research covered in this project that was 

jointly funded by the Alaska Department of Transportation and Public Facilities 

(AKDOT&PF) and the Alaska University Transportation Center (AUTC). 

The research work presented in this document was aimed at evaluating the seismic 

performance capabilities of hollow steel pipe pile to cap beam moment resisting connections 

utilized in the construction of driven pile steel piers.  Transverse, and in some cases 

longitudinal, super-structure displacements produced by seismic loading generate a double 

curvature bending moment gradient along the length of the driven steel pile as shown in 

Figure 1.4.  The connection between the pipe pile and cap beam elements of the system must 

be capable of transferring this bending moment demand.  Typical of a capacity design 

procedure, the required moment resisting capacity of the connection can be taken as the over-

strength moment capacity of the pipe pile element, assuming a plastic hinging failure 

mechanism at the top of the pile members is expected to be the controlling mode of failure.  

However, the majority of the research discussed in this document focuses not only on the 
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ability of the connection design to develop the moment capacity of the pipe pile, but more 

importantly to accommodate large inelastic rotations necessary to facilitate a ductile system 

response as is required of systems expected to resist seismically induced forces. 

 

Figure 1.1  Steel Bridge Pier (Compliments AKDOT) 

 

Figure 1.2  Steel Bridge Pier (Compliments AKDOT) 
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Figure 1.3.  Mooring Dock Steel Pier ï Juneau, AK 

 

Figure 1.4  Pile Bending Moment Pattern for Driven Pile System 
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1.2 The Need for Research: Potential Limit States 

When subjected to design level seismic events, structures are expected to perform in the 

non-linear response range and to sustain damage as is discussed in many texts including 

(Priestley, et. al., 2007).  This damage must however be controllable, prevent collapse, and in 

the case of demands less than the design seismic event preferably be repairable.  As a base 

material, steel is a desirable construction material due to its ductile characteristics.  However, 

steel connections, if not detailed properly, can be problematic when subjected to large 

inelastic deformations as is discussed in many documents including (Bruneau, et. al., 1998).  

In accordance with the principals of capacity design, undesirable modes of failure of a 

system, such as brittle connection failures, should be avoided in order to develop plastic 

hinges at intended location.  Should undesirable modes of failure develop prior to the 

formation of pile plastic hinges, issues such as structural collapse, irreparable damage, or 

lack of system ductility could occur. 

Based on the geometry of steel pier systems and the anticipated pile hinging mechanism, 

obvious potential limit states include yielding of connection elements, cracking of connection 

elements, cracking of base pile material, or most preferably local buckling of the pile wall to 

form flexural hinges.  Past research at North Carolina State University has indicated that 

basic welded connections, regardless of weld geometry, may be incapable of producing 

desirable ultimate limit states and may possess limited ductility capacity.  The past work 

showed the behavior of basic welded connections to be dominated by cracking at or near 

critical welded regions.  This past research consisted of a portion of the phase 1 steel pier 

testing program that is described in detail in (Fulmer, et. al., 2010, 2009) and (Cookson, 

K.A., 2009).  Further conclusions regarding the behavior of welded connections from the 

past work will be discussed in detail in subsequent chapters of this document. 
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1.3 Research Goals and Scope 

The scope of the research covered in this document, which includes work from phases 1 

and 2 of the steel pier testing program, was aimed at better understanding and improving 

upon the non ï linear behavior of steel pipe pile to cap beam moment resisting connections.  

The research hypothesis assumed that the behavior of basic welded connections is controlled 

by undesirable failure modes, and that the performance of the system could be improved by 

alternative connection designs.  Better understanding of how steel pipe pile to cap beam 

connections behave, and improving upon their configuration, would allow for the application 

of Performance Based Seismic Design (PBSD) to systems containing these types of 

connections.  PBSD aims to design a structure to reliably achieve a specific level of damage 

for a prescribed seismic hazard as is done in a Direct Displacement-Based Design (DDBD) 

procedure for example. 

As will be discussed throughout this document, in order to achieve a reliable pile hinging 

failure mode, steel pipe pile to cap beam connection configurations should provide a specific 

method of protecting critical welded regions by relocating damage away from these 

interfaces.  These connections fall into what has been defined in this work as modified weld 

protected connections as opposed to standard welded connections which do not provide a 

means of damage relocation.  Further discussion regarding these two categories of 

connection designs, is provided throughout this document. 

The methods that have been utilized to achieve these research goals include laboratory 

experimental testing of full scale pier systems as well as dynamic testing of scaled systems, 

and three dimensional detailed Finite Element Modeling (FEM).  These two components, 

experimental work and Finite Element Modeling, have been used interdependently where in 

some cases FEM assisted in planning of experimental work and in others where experimental 

work allowed for calibration of the FEM procedure.  Further, the FEM model was used to 
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conduct a parametric study to determine reliable deformation capacity as a function of D/t 

ratio and dead load magnitude for a particular connection configuration.  
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Chapter 2: Literature Review Equation Chapter 2 Section 2 

2.1 General Discussion 

An extensive review of the literature revealed a limited amount of published research 

work that was applicable to the specific steel pier system considered in the scope of the work 

discussed here.  However, two journal articles were found that provided relevant information 

to the scope of this research project.  The work of Steunberg et al. (1998) examined the 

behavior of a circular steel pipe pile welded to a steel plate embedded in a concrete cap 

beam, while the second study by Nishikawa et al. (1998) was focused on strengthening of 

systems with connections of the steel pipe pile to a restrained testing base consisting of a 

pocketed and welded configuration.  While relevant from the perspective of pipe wall local 

buckling behavior, the second study did not directly reflect any connection investigated in the 

research discussed throughout this document.   

2.2 Relevant Articles 

2.2.1 Steel Pile/Precast Concrete Cap Beam Study (Steunenberg et. al., 1998) 

The research discussed in the paper by Steunenberg et. al. (1998) focused on a single 

laboratory test that evaluated the performance of a steel pile with, a D/t ratio of 25, welded to 

a steel plate that was embedded in a concrete block using anchor rods as shown in Figure 2.1.  

The connection of the pile to the plate consisted of a full joint penetrating weld which was 

placed in an overhead position to simulate actual construction practices.  The specimen was 

subjected to reverse cyclic lateral load and was ultimately able to achieve a displacement 

ductility of 8, according to the authors of the paper, after local buckling formed at the base of 

the pile as shown in Figure 2.2.  Although this seemed to be a positive result indicating that 

standard welded connections may provide adequate system behavior, a review of the testing 
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results indicates otherwise.  The yield displacement reported in the article was 30 mm.  

However, as can be seen in Figure 2.3, this structure appears to not have reached first yield at 

30 mm. nor effective yield which extrapolates the first yield displacement by the ratio of 

nominal system strength to first yield strength.  From Figure 2.3, it is appears that a ductility 

one displacement value would be approximately 50 mm. indicating a maximum ductility of 

approximately four and a reliable ductility capacity of slightly over two based on the lack of 

repeating cycles at +/- 200 mm. and the loss of strength at +/- 300 mm. 

 

Figure 2.1  Test Specimen Details (Steunenberg, et. al., 2007) 
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Figure 2.2  Locally Buckled Pile at Base Connection (Steunenberg, et. al., 2007) 

 

Figure 2.3  Experimental Force Displacement Hysteresis (Steunenberg, et. al., 2007) 

Although the dimensions and diameter-to-thickness (D/t) ratio of the pile tested were 

similar to the dimensions used in this research project several differences in the test 

specimens existed.  First, the steel plate embedded in concrete likely produced a more stiff 

connection interface than would have been the case if the connection was to a flexible steel 

cap beam.  As will be discussed later in this document, this effect is likely significant.  

Secondly, no axial load was applied during testing as would exist in an actual pier and as 

would develop in a multi-column pier test regardless of whether or not gravity load was 
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applied to the specimen due to global equilibrium requirements.  Although this specimen was 

able to develop pile hinging in the form of local buckling which mitigated connection 

cracking, the force displacement response indicates that these structures may be of limited 

ductility capacity. 

 

2.2.2 Retrofitting of Steel Bridge Columns (Nishikawa, K., et. al., 1998) 

The research considered in the study by Nishikawa et. al., 1998 focused on retrofitting of 

existing columns as the title indicates.  The study considered both square and circular 

sections.  However, only the results of the circular specimens are presented here as the basis 

of this research project is to determine the performance capabilities of hollow circular section 

piles. 

The study assumed that local buckling of the pile would occur before connection 

cracking, as was reportedly experienced following the Kobe earthquake of 1995.  The goal of 

the research study was to prolong the life of the structure by controlling the growth of 

outward local buckling.  This would be achieved by placing an outside reinforcing pipe 

around the column with a specified tolerance.  The lack of contact between the two elements 

was intended to ensure that the outer ring provided no strength or stiffness to the structure 

until buckling occurred.  Following the occurrence of local buckling the outward bulges 

which were expected to develop should come in contact with the outer ring which in turn will 

control the growth of these bulges and prolong the life of the structure as shown in Figure 

2.4. 

The experimental results, detailed in Figure 2.5, indicated that the method was 

moderately successful as shown in Figure 2.6 which provides positive side force 

displacement envelopes for the two D/t values tested.  As shown, the retrofitted column 

responses, depicted by the dashed lines, experienced a slight increase in post buckling 
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ductility capacity as compared to the non-retrofitted specimen responses shown by solid 

lines.  However, this conclusion is not of great importance to the basic scope of this research 

project since the basic system configuration differed from that considered in the research 

covered in this document, which does not specifically focus on retrofit. 

Regardless, the fact that connection cracking did not occur prior to pile local buckling is 

of importance to this project.  However, the connection utilized during this testing was a 

pocketed type connection where the pile was passed through an upper plate and then welded 

to both a lower plate and the upper plate as shown in Figure 2.5.  The significant difference 

between this type of system and connection of piles to a cap beam soffit indicates that a 

direct comparison of these results to the results of this research project is not possible.  

Nevertheless, the study does provide what could be a viable connection alternative, namely a 

pocketed connection.  In addition the study provides a potential retrofitting concept which 

was applied to develop a modified connection configuration in this research project intended 

to enhance the performance of the pier system as will be discussed in later chapters. 

 

Figure 2.4  Buckling Control with Outer Ring (Nishikawa, K., et. al., 1998) 
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Figure 2.5 Test Specimen Detail (Nishikawa, K., et. al., 1998) 

 

Figure 2.6  Positive Side Force-Displacement Envelopes (Nishikawa, K., et. al., 1998) 
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2.3 Literature Review Conclusions 

Although the two studies reviewed in this chapter are of limited applicability to the 

scope of the research discussed in this document, both did indicate that basic welded 

connections may be capable of precluding connection cracking and developing pile wall local 

buckling.  However, the considerable physical differences between a plate embedded in 

concrete, a pocketed base connection, and an actual steel cap beam connection place 

restrictions on the relevance of this conclusions to the steel pier systems considered in this 

research.  As will be discussed in subsequent chapters, the study by Nishikawa et. al., 1998, 

did provide a concept that was used to modify a successful connection configuration in an 

attempt to improve post pile wall buckling behavior. 
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Chapter 3: Past Experimental ResearchEquation Chapter 3 Section 3 

3.1 General Discussion 

Past experimental research at North Carolina State University (NCSU) was conducted on 

full scale two column piers containing standard welded connections, which are defined as 

connections which do not specifically attempt to protect critical regions by relocating 

damage.  This research work comprised a portion of the phase 1 steel pier testing conducted 

at NCSU that was funded by AKDOT&PF and is described in detail in both (Fulmer, et. al., 

2009, 2010) and (Cookson, K.A., 2009).  However, a summary of this work is provided in 

this chapter to enhance the discussion in subsequent chapters regarding the later experimental 

and analytical work that is basis of this document.  Further, it is important to understand 

research findings which led to the development of modified weld protected connections.  

This later research work that is the basis of this document is comprised of a portion of phase 

1 and all of phase 2 of the steel pier testing at NCSU. 

3.2 Past Experimental Research Details 

3.2.1 Introduction  

The main goal of the past research program was to model as accurately as possible a 

typical steel bridge pier used in Alaska for evaluation of the connection behavior.  The use of 

full scale two pile pier specimens helped to ensure that the influence of axial forces due to 

global overturning resistance and proper boundary conditions were captured.  Although 

laboratory limitations were considered throughout the design, an attempt was made to 

minimize the influence of these limitations in order to achieve the main goal of capturing the 

response of the system when subjected to lateral load as accurately as possible. 
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A very important aspect of the specimen design in the past work was coordination with 

AKDOT&PF engineers to ensure that the design was in fact representative of their existing 

bridge inventory.  Table 3.1 provides a representative sampling of the steel bent bridge 

inventory provided by AKDOT&PF to NCSU.  As shown in Table 3.1, the pile heights range 

from 10-20 ft. above grade and the pile diameters from 12-30 in.  Taking into account the 

fact that pinned based supports shown in Figure 3.1 were used to model the point of 

inflection that would exist in an actual system subjected to double bending, the decision was 

made to set a target pile height at 10-14 ft. which would correlate to an approximate 20-28 ft. 

pile length from the cap beam to the in ground point of fixity for an actual system depending 

on soil conditions.  The decision was also made to use 16 in. diameter piles to produce a 

reasonable aspect ratio.  The pile thickness was chosen as 1/2 in. to generate a D/t ratio of 32 

which is within the typical range of AKDOT practice.  ASTM A500 Grade B&C material 

designations were chosen for the pile elements. 

The design of the cap beam was controlled by capacity design principles.  In order to 

ensure that flexural hinging occurred at the tops of the piles, other failure mechanisms (beam 

hinging, joint failure, etc.) had to be capacity protected.  From the design calculations which 

are included in (Fulmer, et. al., 2009), a double wide HP14x89 cap beam section comprised 

of ASTM A572 Grade 50 material was chosen since it was determined to remain elastic 

when subjected to the anticipated over-strength demands of a pile hinging mode of failure.  

In addition, cap beam transverse stiffeners were placed over the extreme fibers of the HSS 

piles to mitigate cap beam flange damage.  The design resulted in the specimen 

configurations shown in Figure 3.2 and Figure 3.3. 
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Table 3.1  Sampling of AKDOT Steel Pier Inventory (Compliments AKDOT) 

 

 

Figure 3.1  Pinned Base Supports Used in Phase 1 Testing 
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Figure 3.2  Phase 1 Laboratory Experimental Set Up 

 

Figure 3.3  Phase 1 Laboratory Experimental Set Up 
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3.2.2 Lateral Loading of the Test Specimens 

Structural analysis was conducted prior to testing with anticipated material properties of 

the piles to determine that a 220 kip MTS servo-controlled actuator would be adequate to test 

the specimen.  The other major consideration when designing the lateral loading system was 

actuator stroke.  The 220 kip MTS actuator had a total stroke capacity of 40 in.  For the 

purpose of reverse cyclic testing, the lateral loading system was designed to allow for a 

balanced set up that would provide plus or minus 20 in. of stroke.  It was anticipated that this 

magnitude of actuator stroke would be capable of testing the pier to failure.  The lateral load 

history applied to past experimental specimens consisted of a balanced reverse cyclic loading 

procedure as shown in Figure 3.4. 

This load history, termed a three cycle set, is the same procedure utilized in both the 

experimental and analytical portions of the later work that is presented in this document and 

is defined in detail in subsequent chapters. In general, this loading history is defined by 

single reverse cyclic force-controlled steps that increase by increments of ¼ of the systemôs 

first yield force until the full first yield force cycle is reached, followed by three cycle sets of 

displacement ductility increments.  In this protocol a displacement ductility of 1 is defined as 

the experimental first yield displacement extrapolated by the ratio of anticipated nominal 

system strength to the first yield system strength.  Increasing levels of displacement ductility 

were imposed in the order of 1, 1.5, 2, 3, 4, 6, etc. until failure.  This style of balanced load 

history effectively evaluates the full reverse cyclic capabilities system.  Again, a more 

detailed explanation of this load history procedure is provided in subsequent chapters. 
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Figure 3.4  Typical Three Cycle Set Load History 

3.2.3 Standard Welded Connection Configurations 

As has been noted, the prior work considered only standard welded connection 

configurations.  Four experimental evaluations were conducted with nominally identical 

global specimen parameters (cap beam size, pile size, and pier dimensions) with the only 

differentiation being three separate welding details used to form the moment resisting 

connection between the pile and cap beam elements of the system.  These welding details 

included a fillet weld, a complete joint penetration weld (CJP), and a complete joint 

penetration weld with a full depth reinforcing fillet weld as shown in Figure 3.5 through 

Figure 3.7 respectively.  In all cases, the welding was conducted in an overhead field like 

condition by certified welders to replicate actual construction practice.  In addition, the piers 

containing CJP welds and CJP welds with full depth reinforcing fillet welds were subjected 

to full visual and ultrasonic testing (UT).  Further welding details and documentation of 

quality are provided in (Fulmer, et. al., 2009). 
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Figure 3.5  Standard Welded Connection ï Fillet Weld 

 

Figure 3.6  Standard welded Connection ï CJP 
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Figure 3.7  Standard welded Connection ï CJP with Full Depth Reinforcing Fillet 

 

3.3 Summary of Experimental Results 

3.3.1 Fillet Weld Evaluation 

As is indicated in Table 3.1, the typical detail utilized during construction of the existing 

bridge inventory consisted of a field conducted fillet weld.  The connection requires no 
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connections with throat thicknesses less than the pile wall thickness. 

Structural analysis conducted prior to testing provided a system first yield force of 73 
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A500 Gr. B&C dual certified piles.  During testing, the average first yield displacement of 

the system was observed to be 2.99 in which was considerably higher than the calculated 

estimate of 2.04 in. from basic structural analysis considering cap beam flexibility.   One 

reason for the higher than expected yield displacement, was the effect of base displacement 

which was attributed to rocker bearings located in the base supports.  From the recorded first 

yield displacement of 2.99 in., the equivalent yield displacement or ductility 1 displacement 

was calculated as 3.89 in. 

 Regardless of the base displacement issue, the specimen was found to respond 

adequately within the elastic range.  No signs of failure were observed during the load 

controlled portion of the load history prior to first yield nor were any observed during the 

ductility 1 and 1.5 levels.  However, rapid degradation of the connection was observed 

during the first positive cycle of the second ductility level.  During this cycle cracking 

developed at the toe of the fillet weld on the south column as can be seen in Figure 3.8.  The 

effect of this cracking in regards to the strength of the specimen can be seen in Figure 3.9 and 

Figure 3.10 which provide the force displacement hysteresis and the load history 

respectively.  It should be noted that the force displacement hysteresis appears to be shifted 

towards the positive direction due to the effects of base displacement which is plotted in 

Figure 3.11.  The first negative cycle of the second ductility level led to additional cracking 

in the fillet weld of the south column.  As a result, the specimen was assumed to be failed 

and the test was concluded. 
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Figure 3.8  Fillet Weld Test ï Cracking of South Column 

 

Figure 3.9  Fillet Weld Test ï Force Displacement Hysteresis 
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Figure 3.10  Fillet Weld Test ï Load History 

 

Figure 3.11  Fillet Weld Test ï Base Displacement vs. Cap Beam Displacement 
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3.3.2 Complete Joint Penetration Weld Evaluation 

Unlike the fillet weld detail, the CJP detail shown in Figure 3.6 required a 1/4 in. root 

opening and a circular 3/8 in. thick steel backing bar per American Welding Society (AWS) 

D1.1 (AWS, 2008) specifications as noted in (Fulmer, et. al., 2009).  However, the global 

system was nominally identical to that of the pier with fillet welds as has already been 

mentioned.  Consequently the calculated first yield force of 73 kips and the force controlled 

cycles of the displacement history were also identical as the pile material was from the same 

heat and consisted of the same material properties. 

During testing of this specimen, a loading error occurred early in the test.  Following the 

1/2 Fy positive or push cycle, the specimen was significantly overloaded and data was lost 

during this time as is seen in Figure 3.12.  As shown in Figure 3.13 estimates from 

extrapolation of the force displacement hysteresis indicate that the overload cycle reached 

approximately -100 kips and -15.74 in. of displacement in the pull direction.  Unfortunately, 

due to the time during testing at which the overload cycle occurred, no first yield 

displacement could be established for this specimen.  For this reason the load history of a 

previous test pier containing CJP welds with reinforcing fillets was utilized, resulting in an 

equivalent yield or ductility one value of 3.24 in. 

During the overload cycle, a fracture developed at the weld toe on the beam flange side 

of the weld on the north column as is seen in Figure 3.14.  After the three cycle set load 

history was reinstated, the next crack that formed was during second pull cycle of ductility 

1.5 on the south column at the cap beam weld toe as seen in Figure 3.15.  Multiple small 

cracks also developed on the south side of the south column.  The crack seen at the weld toe 

of the north column also grew in length during this cycle.  The cracks already formed on both 

columns continued to propagate both in length and width during the first cycle of the 

ductility 2 level and propagated through the weld in the case of the cracking on the south 

column during the second cycle of ductility 2 as shown in Figure 3.16.  The cracking 
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observed on the north pile was also seen to propagate through the weld during the third cycle 

of ductility 2 as shown in Figure 3.17.  The test was continued into ductility three regardless 

of the reduction in strength which was more than 20%.  After the first cycle of ductility 3 the 

cap beam showed distortion near both columns, as seen in Figure 3.18, and an additional 

crack had formed in the north column at the cap beam weld toe.  At this point the test was 

stopped due the extent of damage and loss of strength of the test specimen. 

 

Figure 3.12  CJP Weld Test ï Force Displacement Hysteresis 
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Figure 3.13  CJP Weld Test ï Load History 

 

Figure 3.14  CJP Weld Test ï North Column Crack During Overload Cycle 
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Figure 3.15  CJP Weld Test ï South Column Cracking ï Ductility 1.5 Second Pull cycle 

 

Figure 3.16  CJP Weld Test ï South Column Propagation of Cracking through the 

Weld 

 

Figure 3.17  CJP Weld Test ï North Column Propagation of Cracking through the 

Weld and Cap Beam Distortion 
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Figure 3.18  CJP Weld Test ï Cap Beam Distortion 

3.3.3 Complete Joint Penetration Weld with Full Depth Reinforcing Fillet  

As in the case of the basic CJP weld, the detail of a CJP weld with a full depth 

reinforcing fillet weld, shown in Figure 3.7, also required a 1/4 in. root opening and a circular 

3/8 in. thick steel backing bar per AWS D1.1 (AWS, 2008) specifications as noted in 

(Fulmer, et. al., 2009).  Again, the global system was nominally identical to that of the piers 

with fillet welds and basic CJP welds.  Consequently the calculated first yield force of 73 

kips and the force controlled cycles of the loading history were also identical as the pile 

material was from the same heat and consisted of the same material properties. 

This welding detail was utilized in 2 of the 4 specimens evaluated in the past research 

due to improvement in performance that was experienced during the first of the two tests as 

compared to the fillet weld and basic CJP weld details.  During testing of the first specimen, 

the observed average first yield displacement was found to be 2.49 in. and was used to 

establish a new displacement history for the remainder of the test.  From the first yield 

displacement, the equivalent yield displacement or ductility 1 displacement was calculated as 

3.24 in. resulting in the force displacement response and load history shown in Figure 3.19 

and Figure 3.20 respectively.  As in the case of the fillet weld evaluation, base displacement 

due to the rocker bearings used in the test set up was experienced, but at reduced level as can 

be seen in Figure 3.21. 
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As has been mentioned, the first CJP with reinforcing fillet weld specimen generally 

performed in a more acceptable manner than specimens with fillet welds or basic CJP welds.  

No signs of failure were observed through the displacement ductility 1, 1.5, and 2 levels.  

The specimen was accidentally subjected to an overload cycle corresponding to a 

displacement ductility of 5 during the transition from ductility 2 to 3 as can be seen in Figure 

3.19.  Although no damage was observed during this overloading, reversal to the negative or 

pull correct ductility 3 displacement led to a crack forming at the weld toe in the north 

column. 

This crack extended from the extreme fiber of the south face to approximately the 

neutral axis as shown in Figure 3.22.  It is possible that this crack was due to damage 

sustained during the overload cycle.  For this reason and the fact that only minor strength loss 

had been experienced, as is shown in Figure 3.20, the test was continued.  Ultimately the 

specimen was able to develop local buckling as is seen in Figure 3.23 when subjected to 

ductility 4 displacements.  This buckling led to significant strength degradation and base 

material fracture at a location of local buckling on the south column shown in Figure 3.24.  

The failure mechanism of this specimen can be summarized as a combination of local 

buckling and associated strength loss, base material fracture, and weld fracture possibly due 

to the overload cycle. 
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Figure 3.19  (1) CJP w/ Reinforcing Fillet Weld ï Force Displacement Hysteresis 

 

Figure 3.20  (1) CJP w/ Reinforcing Fillet Weld ï Load History 
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Figure 3.21  (1) CJP w/ Reinforcing Fillet Weld ï Base Displacement vs. Cap Beam 

Displacement 

 

Figure 3.22  (1) CJP w/ Reinforcing Fillet Weld ï Cracking at Weld Toe North Column 

South Face 
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Figure 3.23  (1) CJP w/ Reinforcing Fillet Weld ï Local Buckling of North Column 

 

Figure 3.24  (1) CJP w/ Reinforcing Fillet Weld ï Base Material Fracture South 

Column 

The improved system response that was observed with this weld detail included both 

increased levels of reliable and ultimate displacement response as well the ability of the 

connection to form the preferable failure mechanism of pile wall local buckling.  Although it 

is important to note that cracking at the weld toe was not mitigated, it was determined that 

the results warranted a second trial of this weld detail to evaluate repeatability of the results. 
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In the second experimental evaluation, the observed average first yield displacement was 

2.54 in. nearly identical to that of the first evaluation which was 2.49 in.  This resulted in an 

equivalent yield displacement of 3.30 in.  During the test, no visual signs of failure and no 

strength loss were observed prior to the third cycle of ductility 3 as is shown in Figure 3.25 

and Figure 3.26.  However, ultimate failure occurred rapidly during the third push cycle of 

ductility 3.  A large crack rapidly formed at the weld toe and propagated around a significant 

portion of the south face of the south column as seen in Figure 3.27 and Figure 3.28.  This 

crack significantly affected the strength of the system as can be seen in Figure 3.25.  The last 

pull cycle of ductility three was completed and the test was assumed to be completed given 

the significant cracking on the south column and approximately 30% strength loss.  Although 

minor levels of local buckling began to develop below the weld region, as shown in Figure 

3.29, the buckled region was not as pronounced as in the first evaluation and did not appear 

to be associated with strength loss prior to the brittle cracking mechanism which formed on 

the south column leading to rapid strength loss in a single cycle of loading. 

 

Figure 3.25  (2) CJP w/ Reinforcing Fillet Weld ï Force Displacement Hysteresis 
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Figure 3.26  (2) CJP w/ Reinforcing Fillet Weld ï Load History 

 

Figure 3.27 Cracking on South Column 
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Figure 3.28 Cracking on South Column ï Post Test 

 

Figure 3.29 Minor Local Buckling on the South Column 

 

3.4 Summary and Conclusions from Past Work 

The results of the past experimental testing, summarized in Table 3.2, showed that in all 

cases the ultimate limit state of the system was controlled by brittle cracking in or near the 
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welded regions as has been discussed in this chapter.  With the exception of one case, this 

cracking occurred prior to the development of the more desirable limit state of pile wall local 

buckling.  Although the use of CJP welds drastically improved the behavior of the 

connection in comparison to the use of fillet welds, in no cases did the more desirable ductile 

failure mode of pile wall local buckling control.  In addition, the reliable displacement 

ductility capacity from each test was considerably limited noting that the fillet weld specimen 

was barely capable of entering the non-linear range. 

However, it should be noted that although the reliable ductility values were relatively 

low, the associated drift magnitudes were reasonably large particularly for the specimens 

with CJP welds and full depth reinforcing fillets.  This is partially due to the definition of 

displacement ductility (ȹ/ȹy,exp) and the considerably high elastic flexibility of this type of 

system.  Regardless, the undesirable failure mode of brittle cracking at or near welded 

regions, which developed in each of the 4 tests, warranted concern regarding the standard 

welded connection configurations considered in the past work. 

Table 3.2 Past Work Summary 

Configuration 
Failure 

Ductility 
Failure Description 

Reliable 

Ductility 

Equivalent 

Reliable Drift 

3/4" Fillet 2 

South Column North-Mid 

Face Crack at Weld Toe in 

Base Metal 

1 0.028 

45° CJP 3 

Multiple Cracks in Both 

Columns at Weld Toe in 

Base Metal and Through 

Weld 

1.5-2 0.035 - 0.047 

45° CJP w/ 3/4" 

Backer Fillet (#1) 
4 

South Column North Face 

Crack at Weld Toe In Base 

Metal 

3 0.070 

45° CJP w/ 3/4" 

Backer Fillet (#2) 
3 

South Column South Face 

Crack at Weld Toe in Base 

Metal 

2-3 0.049 - 0.072 
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Chapter 4: Research MethodsEquation Chapter 4 Section 4 

4.1 General Discussion 

As has been mentioned, the research methods used in this project include full scale quasi 

ï static experimental tests as was done in the past work, as well as detailed Finite Element 

Modeling of steel piers containing both standard and modified weld protected connections.  

In addition, scaled dynamic shake table evaluations of steel piers with a modified weld 

protected connection configuration was conducted.  This body of work consisted of portions 

of the first phase and of the entire second phase of the steel pier project at NCSU.  Sections 

provided in this chapter are aimed to explain the details of each research method prior to 

discussing results and findings in later chapters.  These details include the design of the full 

scale specimen, the design of the laboratory set up components, the definition of the lateral 

load history used in the project, and the various components related the development of the 

Finite Element Models. 

4.2 Lateral Load History  

The applied load history used in both the full scale quasi-static experimental evaluations 

as well as the Finite Element Analysis evaluations in this research is termed a three cycle set 

history.  The definition of this load history consists of an initial elastic portion based on the 

anticipated yield force of the system and a second section based on the experimentally 

determined yield displacement of the system.  More specifically, single reverse cyclic load 

controlled cycles of 1/4 first yield force increments are applied to the pier until a full first 

yield force cycle was reached where the first yield force is determined in accordance with 

Eq.(4.1).  In Eq.(4.1), S represents the section modulus of the pipe pile members, fy 

represents the anticipated yield stress of the pile material, and X represents the shear span 

from the pinned supports to the critical pile hinging section. 
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 The second section of the load history was defined by displacement controlled 

incremental ductility levels where displacement ductility 1 (µ1), or effective yield, is defined 

by Eq.(4.2) and subsequent displacement ductility levels are defined by Eq.(4.3).  In Eq.(4.2), 

ȹôy,exp represents the experimentally determined first yield displacement while Mp and My 

represent the full plastic moment capacity and the first yield moment capacity of the pipe pile 

members respectively.  This load history definition results in a balanced force and 

displacement patterns as shown in Figure 4.1 and Figure 4.2 respectively. 

A critical assumption in this definition of a three cycle set load history is that plastic 

hinge sections form in the pile elements and that the rest of the system remains in the elastic 

range of response.  Further, the simplified equations provided in Eq.(4.1) through Eq.(4.3) 

assume an equal distribution of shear forces between the pile members which in the elastic 

range of loading is only accurate for a two column pier with no applied vertical load.  These 

equations also neglect P-Delta effects which would arise from axially induced loads 

generated from overturning resistance of the pier or from applied vertical loads should they 

be considered in the test or analysis. 
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Figure 4.1  Exmaple 3 Cycle Set Load History 

 

Figure 4.2  Example 3 Cycle Set Displacement History 
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4.3 Full Scale Quasi-Static Experimental Evaluations 

4.3.1 Design of the Global Test Specimen 

As was the case with the prior research, this phase of work also considered full scale two 

column bridge piers representative of actual structures in Alaska.  It was intended that 

throughout entire range of testing, the global specimen parameters, such as member sizes, 

would remain the same with only variable being connection configuration.  In line with the 

past research work, ASTM A500 Gr.B (likely dual certified C) were used as the pile column 

elements and a double wide ASTM A572 Gr. 50 double wide HP14x117 cap beam was used 

to complete the system.  Although the details of each specimen are discussed throughout this 

document, detailed design drawings are provided in the appendix such that the precise details 

of each specimen can be reviewed by a reader as necessary. 

Based on laboratory restrictions and a desire to maintain reasonable pile aspect ratio and 

pile spacing geometry, the shear span from the pinned connections that were used to the 

center of loading was set at 11 ft. ï 2 in. and the center to center spacing of the piles was set 

at 12 ft.  The design of the cap beam as well as test frame components was again based on 

capacity design principles and an assumed pile hinging mode of failure.  However, it was 

recognized that pile hinge relocation away from the interface would likely occur in the 

project and as hinges were relocated away from the cap beam interface, moment demand 

(and shear) demands on the cap beam element would increase due to extrapolation of the 

moment gradient.  As a result, the design calculations were conducted based on an assumed 

minimum shear span from the pinned base support to the hinge location of 8 ft. ï 6 in.  

Additionally, material over-strength factors were considered to predict expected material 

properties in the design calculations per the recommendations of ANSI/AISC 341-10 (AISC, 

2010) and ñAASHTO Guide Specifications for LRFD Seismic Bridge Designò (AASHTO, 

2009) material over strength Ry and Rt values.  This resulted in the use of the material 

properties shown in Table 4.1. 
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The basic global specimen configuration, shown in Figure 4.3, was developed based on 

the design calculations provided in Figure 4.4 and Figure 4.5.  However, it should be noted 

that some of the connection configurations which were tested required different member 

sizes and configurations to be utilized.  The design of these alternate members will discussed 

where necessary in this document to highlight differences in system response. 

Table 4.1  Expected Material Properties for Design 

Material Fy (ksi) Ry
1,2

 Fy,exp (ksi) Fu (ksi) Rt
1
 Fu,exp (ksi) 

ASTM A500 Gr. B& C 

Dual Cert. (Piles) 
46.0 1.4 64.4 62.0 1.3 80.6 

ASTM A572 Gr. 50 

(Cap Beam & Stiffeners)
3
 

50.0 1.1 55.0 65.0 1.1 71.5 

ASTM A36 

(Various Test Frame Components) 
36.0 1.5 54.0 58.0 1.2 69.6 

1
 based on (AISC, 2010) 

2
 based on (AASHTO, 2009) 

3
 Ry values only covered in (AISC, 2010) 

 

 

Figure 4.3  Phase 2 Basic Specimen Laboratory Configuration 
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Figure 4.4  Phase 2 Specimen Design Calculations 
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Figure 4.5  Phase 2 Specimen Design Calculations (Continued) 
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4.3.2 Design of Testing Fixtures 

In addition to the specimen design, alternate laboratory testing fixtures were designed for 

the second phase of testing.  In an effort to simplify testing set up and to mitigate base 

movement that was experienced in the past experimental work, pinned base assemblies that 

could be directly post tensioned to the laboratory reaction floor with 1-3/8 in. post tensioning 

bars were designed.  The pinned base assemblies, shown in Figure 4.6, were designed to use 

5 in. diameter steel pins passing through sleeves in the pile as shown in Figure 4.7 through 

Figure 4.9.  Design calculations for the assemblies which considered ASTM A36 material, 

are provided in Figure 4.12. 

Sizing of the cap beam loading plate and the connecting fillet welds shown in Figure 

4.11 was also necessary prior to testing.  Based on engineering judgement, the plate was 

sized as 1 in. thick and a calculated minimum length of 22 in. of 5/8 in. fillet weld was 

provided between the plate and cap beam.  The plate was detailed to connect to a 440 kip 

MTS actuator that was used in this phase of the project.  As was the case with the first phase 

of testing, the 440 kip actuator used had a total stroke capacity of 40 in. allowing for plus or 

minus 20 in. of specimen displacement which was judged to likely be adequate for testing. 
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Figure 4.6  Laboratory Pinned Base Assemblies 

 

Figure 4.7  Base Assembly ï Part P1 
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Figure 4.8  Base Assembly ï Part P2 

 

Figure 4.9  Base Assembly ï Part P3 

1'-9"

1'-1"

2"

1'-9"

1'-0"

2"

1'-0"
Ø to match O.D. of

sleeves provided by

NCSU (5
1

2
" Nominal

9"

6
1

4
"

1

2
"

6
1

4
"

9"

1

2
"



 Chapter 4. Research Methods 

 

 

 

 

48 

 

Figure 4.10  Assembled Pinned Base Fixtures 

 

Figure 4.11  Actuator Loading Plate Details 

Part P1

Part P2

Part P3

12"5

8
"

6
1

4
"1

4
"

9
1

2
"1

4
"

2'-2"2'-2"

4'-4"

1'-4"

8"

8"

1

2
"

4"

4"

1"3

16
"

Edge of 440 Kip

Actuator

PL 30"x24"x1"

See Detail A

2'-6"

2'-0"

3
5

8
"

1'-0
3

4
"

8
5

8
"

1'-7"

2
1

2
"

2
1

2
"

1"

Ø1
7

8
"



 Chapter 4. Research Methods 

 

 

 

 

49 

 

Figure 4.12  Pinned Base Assembly Design Calculation 
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4.3.3 Laboratory Instrumentation Summary 

Multiple systems of instrumentation were used during the testing series.  These systems 

included traditional measurement devices such electrical resistance foil strain gauges, linear 

sting potentiometers, inclinometers, and accelerometers (in some cases).  In addition to the 

traditional equipment, a motion sensing system that tracks the location of LED markers 

adhered to the experimental specimen during testing was employed.  More specifically, the 

Optotrak system is a motion capturing device that utilizes a combination of LED markers, 

strobers, multiple tracking cameras, and a data acquisition station, as shown in Figure 4.13, 

to record the three dimensional motion of the markers throughout the duration of a test.  The 

system captures X, Y, and Z location data at a prescribed frequency with a reported accuracy 

of 0.1 mm.  By applying a grid of markers to a specimen as is shown in Figure 4.14 and 

Figure 4.15, post processing of the recorded data allows for calculations of strains and cross 

section curvatures. 

For these calculations, the initial gauge length between markers is taken as the distance 

between any two given markers recorded at time zero prior to the beginning of the test.  The 

magnitude of average strain between the two markers of interest can then be calculated for 

the remainder of the test by dividing the change in three dimensional distance between the 

markers by the initial reading as described in Eq.(4.4).  This system allows for an average 

value of strain to be calculated between any two markers.  Since the markers are attached in a 

grid system, the total of the absolute value of strain at either extreme fiber of a cross section 

divided by the diameter of the pipe pile provides the curvature of that cross section at that 

given time as shown in Eq.(4.5). 
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Figure 4.13  Optotrak Motion Capturing Camera  

 

Figure 4.14  Sample Grid Application of Optotrak Markers  
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Figure 4.15  Sample of Optotrak 3D Grid Snapshots 

The largest benefits of the system over traditional electric resistance strain gauges is the 

ability to capture strain values at magnitudes much higher than that of the traditional gauges 

and the ability to capture strain values over a larger area.  The markers are applied to the 

specimen using a Dow Corning 3140 adhesive and data can collected as long as the markers 

stay attached.  It was typically seen that the Optotrak markers were able to remain adhered to 

the specimen for the duration of the test and provide reliable data beyond buckling or 

fracture.  By employing the grid system it is also possible to capture the strain variance along 

the height of the pile or through a cross section of the pile.  It is important to note that 

although the primary use of the Optotrak system in this testing series was for the calculation 

of strains, any measurement related to the relative motion of points on the specimen can be 

derived from the raw data.  Further, it should be noted that although the markers typically 

remained adhere to the specimen throughout the entire test, data collected around regions of 

local buckling and fracture are not indicative of engineering strains after these actions occur.  

This issue will be discussed where applicable to results presented in this document. 
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Although the instrumentation used during testing was similar between each specimen, 

some variations did exist due to the exact connection configuration that was being considered 

in each test.  As a result the instrumentation layout for each test will be discussed as the 

testing observations are presented in subsequent chapters.  However, in general the layout for 

each test was focused around studying the behavior of the connection region with little 

concern for the remainder of the system. 
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4.4 In-House Material Testing 

Throughout the scope of the research discussed in this document, several instances of in-

house material testing are noted.  In all cases, these tests were conducted to, and the steel 

coupons tested were manufactured to, the standard of ASTM A370 ï 10.  The tests were 

conducted in a MTS Universal Testing Machine utilizing hydraulic wedge grips.  Load was 

monitored with the internal load cell of the machine and strains were monitored using 

combination of strain gauges, extensometers, and the Optotrak system which will be 

subsequently discussed. 
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4.5 Detailed Finite Element Modeling 

4.5.1 General Discussion 

Detailed Finite Element Modeling (FEM), also referred to as Finite Element Analysis 

(FEA) in this document, was conducted as a complimentary research method to that of the 

experimental investigations.  The FEM simulation component of the research utilized the 

program Abaqus to conduct quasi-static stress based analysis which considered both 

geometric and material non-linearity.  When possible, the non-linear steel material model 

was calibrated from actual coupon testing data and conformed to hardening rules appropriate 

for cyclic response.  Both shell and 3D solid elements were utilized to model the connections 

as accurately as possible while attempting to maintain computational efficiency. 

In most cases the entire test pier was modeled, as shown in Figure 4.16, neglecting the 

opportunity to utilize extensive sub-modeling and symmetric condition reduction in an effort 

to increase accuracy.  However, the steel pier models did contain sub-modeled beam 

elements in the elastic region of the piles to reduce the size of the model and ease the 

application of pinned boundary conditions.  A multiple point constraint feature was used to 

require the nodes at the base of the three dimensional hollow pile sections to conform to the 

same rotations and displacements as the top node of the one dimensional beam sections. 

Geometric non-linearity was considered in order to capture P-Delta effects as well as 

local buckling behavior of the pile members.  Typically, the same three cycle set loading 

protocol utilized in the experimental component of the research was also used in the FEM 

simulations to allow for a direct comparison between the two methods.  It should be noted, 

throughout the research program FEA was used in some cases to verify the results of 

experimental evaluations and in other cases to develop connection configurations and predict 

behavior prior to experimental tests. 
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Connectivity within the model, typically representative of welds in the experimental 

specimens, was modeled using a mesh independent tie definition.  This method of defining 

connectivity restricts nodes on independent parts within a specified spatial tolerance to 

conform to the same displacements and rotations during the analysis.  Although this method 

of modeling makes the analysis easier to conduct since welds are not required to be modeled, 

the associated limitations and assumptions should be noted.  The most prominent of these 

limitations is the inability of this modeling procedure to capture the potential limit state of 

weld cracking, or base material cracking, since no welds were included and no cracking 

models were defined.  Additionally, since no extreme convergence study was conducted in 

any particular area of the models, any stress and strain concentrations in very small areas 

should be understood to be of questionable accuracy. 

However, this basic modeling procedure was shown to capture local buckling, 

connection behavior, global behavior, and stress and strain concentrations over reasonably 

sized regions in a manner comparable to that of the experimental investigations.  In addition, 

some models required the definition of hard contact between elements within the analysis.  

This was achieved with an Abaqus feature that allows for the definition of hard contact 

between surfaces independent parts and allows separation after the contact occurs.  

Additional specific details related to the various models developed in this research will be 

discussed where applicable. 
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Figure 4.16  Steel Pier Finite Element Model 

4.5.2 Material Models 

As has been mentioned, when possible actual material stress strain data from coupon 

testing was used to calibrate the steel material model used in the FEA.  The material model 

definition used in Abaqus defines an elastic portion of the stress strain curve based on an 

input of elastic modulus which in every case was assumed 29000 ksi.  The plastic portion of 

the stress strain curve was defined by an input of tabular plastic stress ï plastic strain data 

from material testing.  For this input, plastic strain is determined by subtracting a strain value 

equal to the first plastic stress value divided by the elastic modulus, from the actual strain 

value found from testing.  This half cycle input data was used by the program to calibrate the 

various parameters associated with the non ï linear kinematic hardening model that was used 

to represent the behavior of steel subjected to cyclic loading inelastic loading. 
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When actual stress ï strain data was not available, bi-linear material models were used 

and were based on the anticipated material properties shown in Table 4.2.  The ultimate 

stress was typically associated with a plastic strain 0.14 as a reasonable value to define the 

slope of the hardening curve.  It should also be noted that the material model associated with 

the sub-modeled beam element pile sections did not consider the non ï linear kinematic 

hardening model as this was not allowed by the program.  Alternatively, a bi - linear 

hardening model was used although inelastic behavior in this section of the pile was not 

anticipated. 

Table 4.2  Expected Material Properties for FEA 

Material Fy (ksi) Ry
1,2

 Fy,exp (ksi) Fu (ksi) Rt
1
 Fu,exp (ksi) 

ASTM A500 Gr. B& C 

Dual Cert. (Piles) 
46.0 1.4 64.4 62.0 1.3 80.6 

ASTM A572 Gr. 50 

(Cap Beam & Stiffeners)
3
 

50.0 1.1 55.0 65.0 1.1 71.5 

ASTM A36 

(Various Test Frame Components) 
36.0 1.5 54.0 58.0 1.2 69.6 

1
 based on (AISC, 2010) 

2
 based on (AASHTO, 2009) 

3
 Ry values only covered in (AISC, 2010) 

 

4.5.3 Automatic Stabilization Controls 

During the development of the Finite Element simulations, it was found that 

consideration of geometric non-linearity with a large displacement formulation allowed the 

model to capture the effects of local buckling.  However, it was also found the solution 

diverged and the model failed as local buckling of the pile walls developed.  To solve non-

linear problems, Abaqus uses an iterative Newton method that increments loads applied to 

the model and solves the non-linear problem initially based on the tangent stiffness of the 

structure to solve for nodal displacement.  Convergence is then checked by comparing 

applied loads to the sum of the internal nodal forces as well as nodal force equilibrium.  
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Incrementing this process with updated stiffness matrices allows the program to eventually 

converge.  The process of incrementing loads divides an input load (or displacement) over a 

time period that comprises a step.  Hence, all models are treated as a dynamic problem 

although no mass, damping, or accelerations are defined in the system.  When automatic 

incrementation is specified, the program will attempt to solve a static problem step in one 

single increment.  However, this is not possible with non-linear problems which require 

incrementation of the input displacement or load. 

As instabilities such as local buckling develop, strain energy is transferred within the 

model and the global iterative solution process may diverge.  One solution to this problem, 

provided by the program, is to include adaptive automatic stabilization control.  This process 

inserts a small artificial amount of mass into the system along with an adaptive magnitude of 

a damping factor such that damping forces can develop as local instabilities occur generating 

an increase in nodal velocities.  These damping forces are then included in the iterative 

equilibrium checks that compare applied forces into the summation of internal nodal forces.  

The inclusion of these damping forces locally dissipates the strain energy transfer that occurs 

and helps the solution reach convergence which checks not only for global force equilibrium 

but also nodal equilibrium.  Although this does generate some modeling errors, the method 

was shown to accurately capture specimen behavior when compared to the experimental tests 

which helps to lend confidence to the accuracy of the solution.  Further, allowing the 

program to adaptively determine the necessary magnitude of the damping factor may reduce 

the associated error. 

 

4.6 Scaled Dynamic Shake Table Evaluations 

In addition to the full scale quasi ï static experimental evaluations that were conducted 

in this research project, dimensionally scaled experimental shake table testing was also 

conducted.  The single direction shake table at NCSUôs Constructed Facilities Laboratory is 



 Chapter 4. Research Methods 

 

 

 

 

59 

driven by a two ï stage servo controlled hydraulic actuator with a total force capacity of 50 

kips.  The shake table dimensions are 8 ft. x 8 ft. with an 8 in. square grid of 5/8-11 tapped 

holes for base restraint of test specimens.  Given the dimensions of the table, scaling of the 

pier specimens was required, as would be the case with most experiments that would be 

tested on this piece of equipment. 

The shake table is limited to a total displacement capacity of +/- 5 in., which had to be 

considered when selecting ground motions and associated displacement time histories for 

testing.  Tuning of the table prior to testing was based on traditional PID signal tuning to the 

servo valve.  The accuracy of the resulting table acceleration histories, as compared to the 

intended inputs, was evaluated by comparing the acceleration and displacement response 

spectrums generated from the original acceleration time history and those from recorded 

acceleration time histories captured with accelerometers attached to the shake table.  Further 

details regarding the calibration and tuning of the shake table, as well as the design of test 

specimens for shake table testing, will be discussed in subsequent chapters of this document 

where applicable. 

 

4.7 Nonlinear Time History Analysis 

In an effort to predict dynamic behavior prior to experimental shake table testing of 

specimens, and to assist in the selection of acceleration time histories, nonlinear time history 

analysis (NLTHA) was conducted with the FEM program Abaqus.  The analysis used line 

elements representing the pile and cap beam members of the actual system, as well as lumped 

masses over the pile elements to represent superstructure dead load.  The elements selected 

for the analysis were formulated to capture section plasticity through cross section integration 

over a given number of section points and a given number of integration points along the 

element.  This formulation did not require calibration of a hysteretic rule associated with a 

plastic hinge length to capture system non ï linearity.  However, it should be noted this 



 Chapter 4. Research Methods 

 

 

 

 

60 

analytical technique was not capable of capturing the effects of pile wall local buckling on 

system strength, which had to be considering when using the analytical results to plan 

experimental testing.  Further details regarding this NLTHA will be discussed in subsequent 

chapters of this document. 
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Chapter 5: Evaluation of Standard Welded 

Connections 

5.1 General Discussion 

From the conclusions drawn from the past research work, it appeared that it would be 

necessary to explicitly protect critical welded regions of pipe pile to cap beam connections in 

order to produce the more desirable limit state pile of hinging in the form of pile wall local 

buckling.  However, the fifth test of the first phase of experimental testing program attempted 

to mitigate brittle cracking, at or near welds, with one additional standard welded detail.  

Finite Element Analysis was also conducted in order to further evaluate the behavior of piers 

with standard welded connections, to verify the laboratory results which had been observed, 

and to further study what appeared to be a propensity for cracking near the critical 

connection region. 

5.2 Evaluation of a CJP Weld with a Double Sided 

Reinforcing Fillet Weld 

As has been mentioned, in addition to the standard welded connections that were tested 

in the past work at NCSU, one additional configuration which falls in the standard category 

was considered in the current research scope.  The weld configuration consisted of a CJP 

weld with full depth reinforcing fillet welds both inside and outside the pile as shown in 

Figure 5.1.  This configuration required the use of a splice weld 12 in. below the connection 

to facilitate construction with the interior reinforcing fillet weld.  For reporting purposes, it is 

important to note that this test was conducted in the first phase steel pier testing at NCSU, but 

is considered in the current scope of work in this document which again aims to verify the 

hypothesis that standard welded connections are incapable of mitigating connection cracking. 
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The connection design was an attempt to determine whether the brittle cracking 

experienced in prior tests was more of a stress based failure or strain based failure since the 

larger weld should reduce the stress in the weld itself but not necessarily the associated 

plastic strains at the interface weld toe interface.  Consideration was given to the fact that the 

detail would induce more heat effects and introduce the possibility for more defects.  The 

addition of the necessary splice weld also added to the negative effects of the configuration 

as more welding was required which not only increased the potential of defects but also 

decreased economy.  However, it was felt that regardless of these issues the connection still 

had potential to improve the connection behavior and was the final obvious possible weld 

geometry detail that could be considered. 

 

Figure 5.1  Standard Welded Connection ï CJP Weld with Full Depth Reinforcing 

Fillet Both Sides 

Considerable effort was made to ensure that during the construction process each step 

taken could be realistically reproduced in the field as had been done in the past research 

work.  In order to incorporate the inside fillet weld  shown in Figure 5.2, it was necessary to 

use a stub column (which was detailed as 12 in. long) which would first be welded to the cap 

beam in a sequence indicated by a WPS provided in the appendix of this document.  Prior to 

the welding of the stub column to the cap beam, the proper location of the stub column on the 
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cap beam was marked by placing the cap beam on the piles which had already been erected 

and marking their location.  This step was used to ensure alignment of the stub column to the 

pile.  The welding of the stub column to the cap beam, shown in Figure 5.3, was then 

conducted in an underhand position on the ground prior to the placement of the cap beam 

onto the piles, as could be done in the field.  Next, the cap beam was placed on the piles and 

the splice welds between the stub columns and piles were completed.  During construction, 

full visual weld inspection was conducted and, following construction, UT inspection of the 

welds was conducted.  Reports from both inspection processes are provided in the appendix 

of this document. 

 

Figure 5.2  Phase 1 Test 5 ï Inside Reinforcing Fillet Weld 
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Figure 5.3  Completed Stub Column Weld 

For the experimental evaluation, a first yield force of 73 kips was used to define the 

elastic cycles of the three cycle set load history, based on mill certifications (provided the 

appendices of this document) that indicated a yield stress of approximately 54 ksi value.  The 

average first yield displacement for this test was found to be 2.84 in. resulting in an 

equivalent yield magnitude of 3.69 in.  The overall response of the test 5 (phase 1) specimen 

was very similar to that of second pier tested with CJP welds and full depth reinforcing fillets 

on the outside in the prior research work.  No visual signs of failure or strength degradation 

were observed prior to a displacement ductility level of 3. 

The ultimate failure mechanism in test 5 (phase 1) occurred in the third push cycle of 

ductility 3 and consisted of a large fracture at the weld toe on the south side of the south 

column as shown in Figure 5.4.  The crack was associated with over 20% strength loss as 

shown in Figure 5.5 and Figure 5.6.  Since the full cycle had not been completed, the 

decision was made to continue pushing the specimen but the crack began to propagate 

quickly and reduce the ability of the pier to carry load.  For this reason the test was 

concluded and the detail was assumed to possess a reliable ductility capacity of likely 2. 
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During testing, the specimen was found to be capable of developing minor levels of local 

buckling on both columns suggesting the more desirable failure mode was beginning to 

develop.  The first signs of local buckling were noted during the second push cycle of 

ductility 3 at a location just above the splice weld on the north face of the south column and 

near the cap beam weld on the north face of the north column.  The second pull cycle of 

ductility 3 led to slight local buckling developing near the cap beam weld on the south face 

of the south column and near both the cap beam weld and splice weld on the south face of the 

north column as can be seen in Figure 5.7.  However, the buckling did not propagate to 

significant levels which would be expected to lead to strength loss over multiple cycles of 

loading. 

Ultimately, the failure of the pier was attributable to brittle connection region cracking 

leading to significant strength loss in a single cycle of loading as had been shown to occur 

with the other standard welded connection details.  The configuration was not capable of 

producing considerable pile wall local buckling and was there for considered to be 

inadequate and unreliable.  It appeared from the results of the experimental evaluation, that 

the weld toe failure observed was likely strain related as opposed to stress related.  The inside 

reinforcing fillet weld did not prolong the life of the structure lending to the conclusion that 

the failure may be strain controlled. 
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Figure 5.4  Failure Crack ï Ducitlity 3 Cycle 3 

 

Figure 5.5  Phase 1 Test 5 ï Force Displacement Hysteresis 
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Figure 5.6  Phase 1 Test 5 ï Load History 

 

Figure 5.7  Double Buckling of North Column 
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5.3 FEA of Standard Welded Connections 

In an effort to verify and better understand the experimental results that had been 

observed for the piers containing standard welded connections, FEA was conducted to 

further evaluate the behavior of this type of configuration.  The Finite Element Model, shown 

in Figure 5.8, considered ideal geometry (pile spacing, pile length, and stiffener placement) 

and was subjected to a three cycle set load history which was calibrated with the first yield 

displacement found by the model.  The average first yield deflection was predicted to be 2.19 

in. as is also shown in Figure 5.8.  The analysis utilized stress ï strain data from coupon 

testing of actual material taken from the pile elements of the system to calibrate the non ï 

linear kinematic hardening rule that described the plastic portion of the material model.  It is 

important to note, the model used mesh independent tie definitions to define connectivity 

between the piles and the cap beam as has already been discussed.  Hence, the actual weld 

geometry was not modeled rendering the results of the analysis applicable for comparison to 

the results of any standard welded specimen. 

The results of the simulation showed the onset of local buckling to occur at the ductility 

3 level as shown in Figure 5.9.  Note this was the same ductility level at which minor levels 

of local buckling were noted to occur in each experimental evaluation with the exception of 

the pier containing fillet welds which was limited to a maximum displacement ductility of 2.  

The analysis, which did not have the capability to capture material fracture, was conducted 

through the ductility 4 cycles which showed the severity of the buckled region to propagate 

as shown in Figure 5.10.  This was similar to that of the first experimental evaluation with 

CJP welds and full depth reinforcing fillet welds which was able to survive the ductility 4 

cycles and showed the buckled region to propagate in severity.  Hence, the analytical results 

indicated that the desirable form of pile wall local buckling leading to gradual strength loss 

over multiple cycles may control, should connection region cracking be mitigated as shown 

in Figure 5.11.  However, mitigation of connection region cracking was not experienced in 

any of the experimental evaluations as has been highlighted. 
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Figure 5.8  Standard Welded Connection Detail ï FEM First Yield Conditions  

 

Figure 5.9  FEM ï Onset of Local Buckling at the Ductility 3 Level 
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Figure 5.10  FEM ï Propagation of Local Buckling at Ductility 4 Level 

The general hysteretic shape of the analytical results as well as the strength capacity of 

the system match that of the experimental test well as shown in Figure 5.12 which compares 

the response to that of the test 5 (phase 1) evaluation as an example.  It should be noted that 

the magnitudes of the displacement peaks do not match between the analysis and that of test 

5 (phase 1) as the load histories were based on different first yield displacements.  

Regardless, the similarity in the global behavior in terms of hysteretic shape and strength 

capacity, lends to confidence in the analytical results that are not readily comparable to 

experimental laboratory measurements. 

These results, in particular, include tensile strain concentrations that were shown to 

develop in what would be the weld toe region of the actual system as shown Figure 5.13 and 

Figure 5.14.  These figures depict the concentrations at the ductility 3 displacement level 

which was the maximum ductility level experienced by any of the experimental specimens 

prior to the development of crackin.  The analysis predicted these tensile strain 
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concentrations, immediately below the cap beam soffit, to be associated with strain 

magnitudes of approximately 0.09 on the tension face of the tension pile in either direction of 

loading. 

Although there are no valid reasons to believe that this predicted magnitude of strain is 

largely incorrect, a detailed convergence study in this region was not conducted.  For this 

reason, the results should be considered more informative as a potential explanation for the 

observed cracking behavior than as a conclusive strain demand at fracture.  The tension strain 

concentration may explain the propensity for cracking tension face with any particular 

standard welded detail.  It is also worth noting, this form of strain concentration was not 

shown to be as severe on the compression face as local buckling develop at the ductility 3 

level as shown in Figure 5.15 and Figure 5.16. 

 

Figure 5.11  FEM ï Force Displacement Hysteresis 
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Figure 5.12  Comparison of FEM vs. Phase 1 Test 5  Force Displacement Response 

 

Figure 5.13  FEM ï Local Tension Strain Concentration at Weld Toe Region 
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Figure 5.14  FEM ï Local Tension Strain Concentration at Weld Toe Region 

 

Figure 5.15  FEM ï Compression Strains at Weld Toe Region 
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Figure 5.16  FEM ï Compression Strains at Weld Toe Region 

In addition to the strain considerations that have been discussed, the simulation provided 

insight into another issue noted during the experimental testing of the standard welded 

connection piers.  As has been mentioned in prior chapters, the anticipated first yield 

displacement based on typical centerline modeling that considered cap beam flexibility was 

2.04 in.  However, in all cases of the standard welded connections, the experimentally 

determined average first yield displacement between the positive and negative cycles, was 

larger than this calculated value by between 21% and 47%.  In some cases a portion of the 

elevated values that were experienced could be attributed to unanticipated base 

displacements as has been mentioned.  However, it was also noticed during testing that, due 

to construction errors, the placement of the transverse cap beam stiffeners was in many cases 

considerably far out of alignment.  These stiffeners were intended to be placed directly over 

the extreme fibers of the piles to transfer forces from the cap beam to the pile walls to 

develop the capacity of the pile section.  Although no exact measurements were taken, a 

review of photographs taken during testing indicated that the stiffeners were typically out of 
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alignment by 0-3 in. as shown in Figure 5.17.  Further, it should be noted that the as-built 

alignment of the internal stiffeners (between the double section HP cap beams) could not be 

visually inspected. 

Although the cap beam was designed to remain elastic based on calculated flexural 

demands, in each test instances of cap beam bottom flange prying was noted typically near 

the tension face of each pile as full strength of the pile section was developed.  This prying 

action, shown in Figure 5.18, was predicted to occur by the Finite Element Analysis 

simulation as shown in Figure 5.19, which also predicted a first yield displacement of 2.19 

in.  However, when a FEM simulation was conducted with cap beam stiffeners arbitrarily 

offset by 3 in., as shown in Figure 5.20, the cap beam bottom flange prying action that was 

noted in the experimental tests was also predicted by the simulation as shown in Figure 5.21.  

Further, the simulation with offset stiffeners indicated an elevated first yield displacement 

magnitude of approximately 4.6 in as shown in Figure 5.22.  From these results, it appeared 

that the misplacement of the stiffeners led to the observed prying action at the cap beam 

soffit and consequently a less rigid joint behavior than standard analysis would anticipate.  It 

is possible that this effect contributed to the elevated first yield displacement levels that were 

observed during testing. 
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Figure 5.17  Offset Stiffeners with Standard Welded Connection 

 

Figure 5.18  Cap Beam Bottom Flange Prying Action 
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Figure 5.19  FEM ï Ideally Placed Stiffeners Ductility 3 (2X scale factor) 

 

Figure 5.20  FEM ï Pier with Offset Stiffeners 
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Figure 5.21  FEM ï Offset Stiffeners Ductility 3 (2X scale factor) 

 

Figure 5.22  FEM ï Offset Stiffeners First Yield Displacement (in) 
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5.4 Conclusions Regarding Standard Welded 

Connections 

As has been discussed throughout this chapter and prior chapters, the failures observed 

during testing of the standard welded connection specimens would generally be considered 

unsatisfactory.  Although each specimen did begin to develop minor levels of the more 

desirable limit state of local buckling, in each case brittle cracking leading to rapid strength 

degradation was experienced prior the propagation of the buckled region.  Although the first 

evaluation of a system with complete joint penetrating welds and full depth outside 

reinforcing fillet welds was able to survive all cycles of loading at the displacement ductility 

4 level, the results were not repeatable in a second evaluation.  Further, it was shown that the 

intensive process of including interior reinforcing fillet welds did not improve the response 

of the system as brittle connection region cracking again controlled the ultimate limit state of 

the experimental specimen. 

Finite Element Modeling conducted to better understand the connection behavior, 

showed that a local buckling failure mode would be likely to control the response of the 

system should cracking be mitigated.  However, the model which was representative of 

systems containing any standard welded connection detail also showed a region of elevated 

strain concentration to develop immediately below the cap beam soffit near what would be 

the weld toe region of an actual system.  This strain concentration was located at the region 

of the connection where cracking was experienced in the experimental evaluations.  

Although the model was incapable of capturing the cracking failure mechanism, the results 

did suggests the propensity of the system to develop this region of concentrated elevated 

strains may be the reason for the observed cracking failure modes. 

In addition, the FEM simulation was capable of replicating the cap beam bottom flange 

prying action that was observed in the experimental tests.  The action only developed in the 

simulation when the cap beam transverse stiffeners were offset as was the case in the 
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experimental evaluations.  The prying action appeared to lead to larger than expected first 

yield displacements due to softening of the connection region.  Therefore, it should be 

recommended that minimal construction tolerance be allowed in regards to stiffener 

placement when constructing this type of system to ensure the predicted behavior can be 

achieved by the actual structure. 

Although by definition the systems evaluated with standard welded connections 

possessed limited reliable ductility capacity, it should be noted that the associated reliable 

drift capacity was of a reasonable magnitude in some cases.  For example, as noted in Table 

3.2, a reliable drift capacity of approximately 4.9% was associated with the detail with a CJP 

weld and single sided reinforcing fillet weld.  This reasonable level of drift was associated 

with a displacement ductility capacity of 2, which may be judged as a low magnitude 

highlighting the need to also consider drift capacity and actual displacement capacity when 

reviewing the performance of a system.  This is partially the result of the considerably high 

elastic flexibility of this type system which leads to reasonably large first yield 

displacements.  Regardless, the work conducted on standard welded connections appeared to 

indicate that the undesirable and less reliable failure mode of connection region cracking 

would likely not be mitigated by any form of a standard welded connection.  This suggested 

that relocation of damage and capacity protection of these critical regions may be necessary 

in order to ensure a reliable system response could be achieved. 
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Chapter 6: Evaluation of Modified Weld 

Protected ConnectionsEquation Section 6 

6.1 Purpose of Modified Weld Protected Connections 

As has been concluded in prior chapters, experimental and analytical research work 

conducted in regards to standard welded connections seemed to indicate that precluding the 

undesirable failure mode of connection region cracking would require explicitly protecting 

critical connection regions.  In order to achieve this, goal a basic capacity design procedure 

concept was applied to the design of pipe pile moment resisting connections resulting in the 

idea of modified weld-protected connections.  The capacity design procedure, common to 

many facets of earthquake engineering, protects less ductile failure modes such as weld 

cracking by ensuring a ñweak linkò exists and, importantly, is associated with a preferable 

ductile mode of failure as illustrated in Figure 6.1.  In the case of the steel pipe pile piers 

under consideration, this more desirable mode of failure was flexural hinging in the form of 

pile wall local buckling.  Should a connection configuration be capable precluding 

connection region cracking, allowing buckling to be the controlling failure mode, the 

ultimate displacement capacity of the system could be increased or decreased by selection of 

a smaller or larger D/t ratio for the pile elements of the system as will be discussed in 

subsequent chapters. 

Application of the capacity design procedure to the multi-column piers under 

consideration led to the concept of flexural hinge relocation.  As shown in Figure 6.2, the 

hinge relocation concept aims to move damage down the pile away from the cap beam soffit 

and critical welded regions.  However, relocation of the hinge increases the bending moment 

demand in the protected zone as the full over-strength bending moment capacity associated 

with flexural hinging of the hinge zone is linearly extrapolated to the protected zone in 
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accordance with the relationship provided in Eq.(6.1), where (H) represents the distance from 

the point of contraflexure to the cap beam soffit, (Xd) the design depth of hinging, (Zhinge) the 

plastic modulus of the hinge region, (Spz) the elastic modulus of the protected zone, and (O) 

applicable strain hardening over-strength factors.  Thus, in order to effectively protect the 

critical welded regions of the steel pipe pile to cap beam connection, two key criteria had to 

be met. 

First, the location of damage in the pile element would be moved below the welded 

region as has been mentioned and secondly, the welded region would be strengthened to 

remain in the elastic range of response taking into account the increased bending moment 

demand.  It was postulated by the researchers that following these two key criteria would 

allow the more desirable failure mode of flexural hinging, in the form of pile wall local 

buckling, to control the ultimate limit state of the system given that welded connections had 

been shown to avoid cracking in the elastic range of loading in past research.  As is discussed 

throughout this chapter, these criteria led to multiple connection configurations that were 

evaluated with both experimental and analytical methods.  For each design case considered in 

this chapter, the specific connection configuration used to meet the two noted key criteria 

varied and will be discussed where applicable. 

 

Figure 6.1  Capacity Design Concept Schematic Reproduced From:  (Paulay and 

Priestley, 1992) 

P P

Ductile Weak Link Controls 

System Capacity

Less Ductile Failure 

Modes Protected



 Chapter 6. Modified Weld Protected Connections 

 

 

 

 

83 

 

 
,exp ,min

d

y hinge y pz

H X H

f Z O f S

-
=  (6.1) 

 

 

Figure 6.2  Flexural Hinge Relocation Concept 
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the evaluation aimed to determine the configurations ability to effectively behave as a 

modified weld protected connection using both experimental and analytical methods.  The 

connection consisted of gusset plates located in the joint zone oriented longitudinally and 

transversely to the cap beam as shown in the detail provided in Figure 6.4 and in Figure 6.5.  

This particular connection configuration required the use of an alternate cap beam 

configuration (opposed to the standard double HP cap beam) which had a centerline web 

directly over the longitudinal gusset plates.  This resulted in the use of a built-up I shape cap 

beam for this particular evaluation.  The design calculations for this alternate style of cap 

beam are provided in Figure 6.6.  As is shown, a capacity design procedure was again 

employed to design the ASTM A572 Gr. 50 cap beam to remain within the elastic range of 

response as a pile hinging mode of failure developed as was done with the basic double HP 

configuration. 

 

Figure 6.3  Kerf Connection Experimental Set Up 
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In an effort to achieve the goals of a modified weld-protected connection, the 

longitudinal gusset plates forming the connection were designed to remain in the elastic 

range of response when subjected to the flexural demands associated with hinging of the pile 

elements and were joined to the built up I section cap beam with complete joint penetration 

welds.  It was assumed that the longitudinal plates would act as narrow rectangular sections 

in strong axis bending at the cap beam interface.  From the over-strength pile hinging 

moment capacity, the extrapolated flexural demands at the cap beam interface was 

determined and the necessary length of gusset plate for the cross section to remain elastic 

was calculated as 36 in. for a 1 in. wide plate. 

The gusset plates were joined to the HSS16x0.500 piles, which were field slotted by 

torching to allow for gusset plate insertion, with 5/8 in. fillet welds longitudinal to the pile 

axis.  The welds were assumed to act in shear along the length of the weld in order to 

produce a moment couple that would resist the flexural demands associated with pile 

hinging.  The necessary length of welding, which controlled the necessary depth of the gusset 

plate, was determined from the over-strength pile hinging demand.  As has been discussed, 

the elements of the connection were designed to develop the full over-strength moment 

capacity of the pile to encourage the development of flexural hinges in the pile sections when 

the system was subjected to lateral loading.  Detailed connection design calculations are 

provided in Figure 6.7.  The connection detail, which is shown in Figure 6.5, was termed a 

ñkerfò connection.  Although the gusset plates oriented transverse to the cap beam were not 

assumed to carry any load as the pier was displaced longitudinally, they would be necessary 

should the pier be subjected double bending in the longitudinal direction of the bridge.  

Further, by inspection the transverse gussets are likely necessary to stabilize the longitudinal 

gusset in the out of plane direction. 
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Figure 6.4  Kerf Connection Detail 

 

Figure 6.5  Kerf Connection 
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Figure 6.6  Built ï Up I Section Cap Beam Design Calculations 
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Figure 6.7  Kerf Connection Design Calculations 
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6.2.2 Load History and Instrumentation Details 

In the case of the kerf connection test, the material yield stress was estimated to be 55 

ksi for the A500 Gr. B pile material based on mill certification test and in in-house material 

testing (see Figure A 6 through Figure A 10).  This value, combined with the shear span of 8 

ft. ï 5 in. from the pinned supports to the base of the gusset assembly, resulted in a first yield 

force of 93.34 kips.  Both the experimental and analytical evaluations, in the case of the kerf 

connection study, were based on the typical three cycle set load history which has been 

described in prior chapters.  The application of this load history with the predicted material 

properties resulted in an experimentally determined first yield displacement of 1.91 inches 

generating a ductility 1 displacement of 2.50 inches.  Application of the three cycle set load 

history produced the experimental force and displacement histories shown in Figure 6.8 and 

Figure 6.9 respectively. 

 

Figure 6.8  Kerf Connection Experimental Load History 
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Figure 6.9  Kerf Connection Experimental Displacement History 

The instrumentation used in the kerf connection evaluation consisted of traditional 

laboratory instrumentation as well as the Optotrak motion sensing system as was typical 

throughout the project.  The traditional equipment consisted of inclinometers located 8 inches 

above the pinned bases to monitor drift magnitudes, linear string potentiometers attached to 

the bases to monitor any unanticipated base sliding, and strain gauges located on the extreme 

fibers of each pile cross section as shown in Figure 6.10.  Also shown in Figure 6.10, a 2 inch 

spaced grid of Optotrak LED markers was placed on the east face each pile in both the 

connection and critical pile regions as also shown in Figure 6.10.  The Optotrak markers 

were placed in a pattern to allow for calculation of strains in the intended pile hinging region 

as well as the intended capacity protected gusset plate region.  Markers were also used to 

monitor cap beam displacements. 
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Figure 6.10  Kerf Connection (Left: SG Layout  Right: Optotrak Layout)  

6.2.3 Finite Element Analysis Simulation 

Shell element based Finite Element Analysis was conducted prior to testing of the 

system in an effort to predict specimen behavior.  The model consisted of 8 node linear shell 

elements that incorporated a multi-linear kinematic hardening material model which was 

based on actual in-house tensile material tests.  The model also incorporated non-linear 

geometric formulations in order to capture the effects of local buckling on the overall 

specimen behavior.  The three cycle set load history utilized in the simulation was based on 

the theoretical first yield force assuming a pile hinging mechanism below the gusset plate 

region and a FEA predicted first yield displacement of 1.56 in.  In the case of the kerf 

connection, the analytical model, shown in Figure 6.11, took advantage of the relatively 

symmetric nature of the two column pier configuration to reduce the model size by 

employing a roller boundary condition at the centerline of the pier. 
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Figure 6.11  Kerf Connection Finite Element Model 

The results of the numerical simulation indicated a stable response could be expected 

prior to the third ductility level where noticeable local buckling of the wall would develop 

resulting in strength degradation throughout the ductility three cycles with continued 

degradation in the ductility 4 cycles.  These effects can be seen in Figure 6.12 and Figure 

6.13 which visually illustrate the development of local buckling and indicate the associated 

strength degradation respectively.  Further cycles of the load history showed an increase in 

local buckling and subsequent strength loss.  However, base material and weld fracture were 

not considered in the FEA analysis as has been discussed.  Related to this issue, it is 

important to note that considerable strain concentrations were expected to develop at the base 

of the gusset plate in the pile wall even at low levels of response as is shown in Figure 6.14.  

The observed strain concentration was potentially due to the abrupt stiffness change at the 

given interface between the pile wall and gusset plate.  From this observed result, it was 

considered a possibility that weld or base material cracking may develop in this general 

region prior to the formation of the more desirable failure mode of pile wall local buckling. 
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Figure 6.12  FEA - Local Buckling Ductility 3 Cycle 1 

 

Figure 6.13  FEA-Force Displacement Hysteresis 
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